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Abstract In this investigation an attempt is made to study the influence of lime and gypsum percentages on the mechanical characteristics of a fine-grained soil. Mineralogical study was also carried out using X-ray diffraction test (XRD). Soil samples with different gypsum contents (0, 5, 15 and 25%) were treated with different percentages of lime (3, 5 and 10%). The treated soil samples were cured for 2, 7, 28 and 180 days at 20°C. Results indicated that the unconfined compressive strength increased with increasing gypsum content up to (5%) then decreased for all lime percentages. The optimum percentage of lime beyond which the improvement in the unconfined compressive strength decreased was also found to be 5%. P-wave velocity values followed the same trend as the unconfined compressive strength values. In general, the relationship between P-wave velocity and unconfined compressive strength values was linear with a coefficient of determination (R2) of 0.87, evidencing good agreement between the unconfined compressive strength and P-wave velocity. The XRD test results indicated the formation of calcium silicate hydrates (CSH) and calcium aluminate hydrates (CAH) which were responsible for strength development in the treated soil samples. Further, ettringite mineral was also found in treated soils, and caused a decline in strength. Keywords: Gypseous soil, lime stabilization, compressive strength, mineralogical.
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Introduction Gypseous soils, commonly found in arid and semi-arid areas around the world, are soils that contain sufficient quantities of gypsum (CaSO4.2H2O) to affect their physical and chemical properties, thus limiting their uses in engineering applications. They are a problematic soil, particularly so when gypsum leaches out from the soil under soaking or water flow effects [1]. In dry state, gypsum is considered as a bonding agent that will increase the shear strength and reduce the compressibility of the soil. Moreover, gypseous soil possesses both swelling and collapsing behavior depending on the type of sulfate minerals present and the surrounding conditions. If it contains anhydride sulfate minerals (CaSO4) and is subjected to wetting, it swells due to the gypsification process, leading to greater volume changes and causing damage to the structures built on it [11], whereas when the gypsum dissolves, the soil collapses under its own weight or under applied external loads. Gypseous soils are currently used extensively in geotechnical applications, especially for the construction of infrastructures such as highways and pavements [2]. Unfortunately, numerous problems have been encountered such as collapsing, cracking and settlement of pavement layers [3]. The construction of highways and pavement layers on gypseous soil is therefore a challenging task for geotechnical engineers. Hence it has become imperative to solve the geotechnical problems related to gypseous soils. Lime is commonly used to stabilize civil engineering constructions because of its reactivity in increasing strength and durability. Lime stabilization is one of the most economical techniques to improve the engineering properties of gypseous soils [5]. When lime is added to the soil, two main phenomena take place: cation exchange and pozzolanic reactions [10]. These mechanisms develop at different time-scales [4]. Immediately after stabilization, stabilized gypseous soil exhibits an acceptable range of engineering properties and behavior. In many cases, however, stabilized gypseous soils become problematic during their service life. Over time, their characteristics are affected by environmental conditions and external circumstances, causing damage to the pavement structures built on those soils. Expansive minerals are formed, which in turn induce soil heave and then cracking of pavement structures, resulting in a reduction in stability and loss of bearing capacity [8] and [9]. This paper presents the influence of gypsum and lime contents on the mechanical and microstructural properties of fine-grained soil. The unconfined compressive strength and P-wave velocity were determined under different curing periods. Materials and sample preparation Materials The soil used in the present study was a low plasticity soil, obtained from a site near Jossigny in Paris, France. Before testing, the samples were oven dried for 2 days at 60°C and disaggregated gently with a hammer then passed through ASTM #4 sieves. The liquid limit (L.L) was 29%, with a plasticity index (P.I) of 8% and the specific gravity of the solid (Gs) was 2.66. Based on the Casagrande plasticity chart and according to the Unified Soil Classification System (USCS), the soil was classified as a low plasticity clay soil (CL). The grain size distribution analysis was 17% sand, 64% silt and 19% clay. The quicklime used in this study, supplied by the French company LHOIST, is a very fine lime and passes through an 80 μm sieve opening. The activity of the lime used was 94%. The gypsum (CaSO4.2H2O) used in this study, supplied by the Merck KGaA company, Germany, is a very fine gypsum and passes through an 80 μm sieve opening, and with a purity of > 99%. Sample Preparation Soil samples were prepared and compacted according to an (ASTM D-698) procedure using standard Proctor compactive effort. Different amounts of additive, namely, gypsum (0, 5, 15 and 25%) and lime (3, 5 and 10%) were added based on the dry weight of the raw soil. The soil, gypsum and lime were mixed in a dry state until a homogeneous color was obtained. Then the requisite amount of mixing water (which represents the optimum moisture content based on the standard compaction curve of the raw soil) was sprayed on the mixture and the mixture was remixed thoroughly. The mixture was then kept in sealed plastic bags for 1 hour mellowing time [10]. Thereafter, the mixture was statically compacted in a specific mold (50 mm in diameter and 100 mm in height), to which the load was
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians applied at a rate of 1 mm/min. After that, the soil samples were extruded and immediately sealed with cling-film, then coated with paraffin wax to prevent moisture loss during curing. All the lime treated soil samples were cured at 20°C for 2, 7, 28 and 180 days. Laboratory Testing Procedures Unconfined compression and P-wave velocity tests The unconfined compressive strength (UCS) was determined according to the ASTM procedure (D5102). The load was applied to the soil samples with a strain rate of 0.1 mm/min, using a hydraulic press (INSTRON 4485). The P-wave velocity of soil samples was measured before carrying out the unconfined compression test. A PUNDIT instrument and two transducers (a transmitter and a receiver) with a frequency of 82 kHz were used. X-ray diffraction test The X-ray diffraction test was conducted on the soil samples at the end of the 180 days of curing time at 20°C. Fractured samples produced after the unconfined compression test were powdered and sieved through a 400 μm sieve to serve as samples for the X-Ray diffraction test (XRD). Before testing, the soil sample was dried for 24 hours at 40 °C. A Philips PW3020 diffractometer was used for XRD analysis. The diffraction patterns were determined using Cu-Kα radiation with a Bragg angle (2θ) range between 4°-60° running at a speed of 0.025/6sec. Results and Discussion X-ray diffraction analysis XRD patterns of natural and lime treated soil samples cured for 180 days are shown in figure (1). The main natural soil components are kaolinite and illite as clay minerals, with quartz, calcite and feldspars also present. Once treated by lime, several new peaks of low to moderate intensity appeared for all the gypsum percentages, indicating the formation of new compounds. Among these, the major cementitious compounds were calcium silicate hydrates (CSH), calcium aluminate hydrates (CAH) and ettringite mineral, which was found in all gypseous soil samples. Ettringite is a calcium aluminum sulfate hydrate (CASH) type mineral which is responsible for the early strength gain. For the XRD patterns two observations can be made. The first is that all the intensities of the kaolinite clay mineral peaks decreased with increased curing time and with all lime and gypsum percentages. This behaviour is attributed to the fact that kaolinite is rapidly exhausted by the pozzolanic reaction [6]. It is also consistent with the increase in the amount of cementitious compounds at low lime percentages. For low lime percentages, cementitious compounds are formed by hydration and the pozzolanic reaction, with the latter using up the kaolinite. For higher lime percentages, exhaustion of the kaolinite leads to cessation of the pozzolanic reaction and additional cementitious compounds are formed only by hydration. The second point is that the amount of illite did not show any consistent reaction trend with an increase in the percentage of lime. This is due to the fact that illite is less involved in the pozzolanic reaction than kaolinite. It is worth noting that the peaks of quartz mineral did not show a clear reduction with curing period and lime treatment, indicating that the quartz was not substantially attacked by lime to form silica gels. Unconfined compressive strength properties UCS of soil samples with different amounts of gypsum, compacted at the optimum moisture content (OMC) and maximum dry unit weight (γmax) were measured. The untreated soil samples had UCS of 0.19, 0.23, 0.27 and 0.32 MPa for 0, 5, 15 and 25% gypsum respectively. The increase in strength values with gypsum content is due to the reduction in the void ratio of the soil samples. Indeed, gypsum particles not exceeding 80 µm in diameter will fill the pore space between the soil particles. To investigate the influence of lime content on the UCS, varying percentages of lime (3, 5 and 10%) were added to the soil samples containing different amounts of gypsum. Figure (2) illustrates the variation in the UCS of soil samples with gypsum and lime additions. It is clearly shown that the UCS increased with increasing gypsum content up to (5%) then decreased, for all percentages of lime. This behaviour can be attributed to the faster hydration rate (more reaction between soil, lime and gypsum) and the formation of ettringite by the reaction of sulfate ions with calcium silicate hydrate (CSH) or calcium aluminate hydrate (CAH). Gypsum accelerates the chemical reaction between soil and lime [7]. Silicate hydrate and calcium hydrate is formed, favoring the strength of the soil samples. Moreover, ettringite mineral fills the empty pores within the soil matrix, leading to a decrease in the internal porosity of the gypseous soil samples. Lime addition increased the UCS; however, to achieve
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians considerable strength a long curing period is required. An addition of (3%) lime increased the UCS within a short curing time (2 or 7 days), whatever the gypsum content of the soil sample. For longer curing periods (more than 7 days), there was a significant difference in the UCS of soil samples with lime addition. The UCS increased with increasing lime percentage up to (5%) then decreased. This behaviour may be due to the formation of new reaction products as well as to the catalyzing effect of gypsum on the reaction at higher curing periods. Samples treated with (10%) lime had lower UCS values in all curing periods, and a greater reduction occurred with the samples that had the highest gypsum content (i.e. 25%). This behaviour is attributed to the fact that excess lime is thought to act as a low strength filler, which then results in a lower strength development and rate of strength gain with time. It is worth noting that the difference in the UCS of gypseous soil samples at longer curing periods (180 days) was insignificant. This is due to the formation of ettringite, as shown in figure (1), which decreased the UCS. P-wave velocity properties P-wave velocities were measured before conducting the unconfined compression test. These data confirm the results of the UCS tests. The P-wave velocity values of the soil samples were 617, 642, 664 and 755 (m/sec) for 0, 5, 15 and 25% gypsum respectively. The increase in the P-wave velocity values with gypsum addition is due to the reduction in the void ratio of soil samples, as discussed previously. The P-wave velocities of lime treated soil samples are presented in figure (3), where it can be seen that the P-wave velocity values increased with gypsum content up to (5%) for all lime percentages and curing periods. Beyond this percent (5%), the P-wave velocity decreased with increasing gypsum content for all the soil samples tested.
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The following conclusions can be drawn from this study. The contribution of lime stabilization was found to be more marked for the mixes with a low percentage of gypsum (5%). This implies that lime stabilization plays an important role in the formation of a compact matrix for mixes with a lower percentage of gypsum. The gypsum content of the lime stabilized soils determined their strength properties. Thus, gypseous soils with a low percentage of gypsum and stabilized with an optimum amount of lime may find potential applications in the construction of infrastructures. This opens up the possibility of reducing the overall cost of construction by using treated gypseous soils instead of more costly alternatives. XRD test is keys to gaining better insight into the reactions of lime-stabilized gypseous soils and the evolution of their mechanical properties. The present study has clearly shown that combining mechanical properties and micro observations is the only way to obtain a more reliable interpretation of the chemical reactions among soil compounds. References [1] Abduljauwad, S. N., Al-Amoudi O. S. B. (1995). Geotechnical behaviour of saline sabkha soils. Geotechnique, 45(3) 425-445. [2] Adams, A. G., Dukes, O. M., Tabet, W., Cerato, A. B., and Miller, G. A. (2008). Sulfate induced heave in Oklahoma soils due to lime stabilization. Geo-congress, Conference Proceedings, ASCE, 444-451. [3] Aibn, S. A., Al-Abdul Wahhab, H. I., Al-Amoudi, O. S. B., and Ahmed, H. R. (1998). Performance of a stabilized marl base: a case study. Construction and Building Materials, (12) 329340. [4] Al-Mukhtar, M., Lasledj, A., and Alcover, J. F. (2010). Behaviour and mineralogy changes in lime-treated expansive soil at 20 °C. Applied Clay Sciences, (50) 191-198. [5] Al-Zubaydi, A.H. (2011). Strength and erosion of lime stabilized gypseous soil under different flow conditions. Journal of Al-Rafidain Engineering, 19(2) 12-28. [6] Eades, J. L., Grim, R. E. (1960). Reaction of hydrated lime with pure clay minerals in soil stabilization: Highway Research Board Bulletin, (262) 51-63. [7] Holm, G., Trank, R., and Ekstrom, A. (1977). Improving lime column strength with gypsum. Proceedings of the 9th International Conference on Soil Mechanics and Foundation Engineering, Tokyo, (3) 903-907. [8] Hunter, D. (1988). Lime-induced heave in sulfate-bearing clay soils. Journal of Geotechnical Engineering, 114(2) 150-167. [9] Little, D. N., Nair, S., and Herbert, B. (2010). Addressing sulfate-induced heave in lime treated soils. Journal of Geotechnical and Geoenvironmental Engineering, 136(1) 110-118. [10] Little, D. N. (1995). Handbook for stabilization of pavement sub grade and base courses with lime. National Lime Association, Iowa, USA. [11] Yilmaz, I. (2001). Gypsum/anhydrite: some engineering problems. Bulletin Engineering Geology Environmental, (59) 227–230.



8



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



MECHANICAL BEHAVIOR OF HAY FIBER-REINFORCED CEMENTED SOIL



Abdulrahman ALDAOOD1,2, Marwen BOUASKER1, Amina KHALIL2, Muzahim ALMUKHTAR1 [email protected] 1



Centre de Recherche sur la Matière Divisée, CRMD, FRE CNRS 3520-1b rue de la Férollerie, 45071 Orléans Cedex 2, France 2 Civil Department, College of Engineering, Mosul University, Mosul, Iraq



Abstract The present study is an attempt to investigate the influence of hay fiber content, cement content and curing periods on the mechanical properties of fine-grained soil for possible use in road sub-base for light traffic. The soil samples were prepared at three different percentages of hay fiber content (0.25, 0.5 and 0.25% by weight of soil) and three different percentages of cement content (2, 4 and 6% by weight of soil), then subjected to different curing periods extending from (3 to 90 days) at 20°C. A series of unconfined compression and P-wave velocity tests were carried out on soil samples with different percentages of hay fiber and cement. The test results indicated that the inclusion of hay fiber reinforcement within un-cemented and cemented soil samples caused an increase in the unconfined compressive strength and axial strain at failure, decreased the P-wave velocity values, and changed the cemented soil’s brittle behavior to a more ductile one. Further, the unconfined compressive strength increased with curing period, and the increase was significant up to a curing period of 90 days. The interactions at the interface between fiber and soil compounds seem to be the dominant mechanism controlling the reinforcement benefit. Keywords: Cement stabilizations, hay fiber, compressive strength, P-wave velocity.
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Introduction Cement stabilization has been extensively applied in civil engineering practice for many years. When cement is added to soils, it reacts with soil particles, which leads to an improvement in the strength and durability of soils [3], [5], [7]. However, the occurrence of some unfavorable phenomena such as a reduction in failure strain, residual strength and toughness of soil has been reported due to cement application [4]. Soil reinforcement with fibers has been developed as another soil improvement method in recent years. In general, reinforcement means that certain materials (such as fibers) that possess some desired properties are incorporated within other materials (such as soil) which lack those properties [10]. Therefore, soil reinforcement is defined as a technique to improve the engineering properties of soil in order to develop parameters such as shear strength, tensile strength, swelling and compressibility. Fiber reinforced soil behaves as a composite material in which fibers of relatively high tensile strength are embedded in a soil matrix. Shear stresses in the soil mobilize tensile resistance in the fibers, which in turn imparts greater strength to the soil [9]. Ghavami et al. (1999) [8] reported that the inclusion of natural fibers provides ductility as well as an increase in the strength of the soil. Similar results have been documented by other researchers [1], [6], [13]. Consoli et al. (2009) [6] conducted a set of drained triaxial tests on artificially cemented sand samples reinforced with randomly oriented polypropylene fibers. The fiber reinforcement increased peak strength up to a certain cement content (up to about 5%), increased ultimate strength, decreased stiffness and changed the brittle behavior of the cemented sand to a more ductile one. The triaxial peak strength increase due to fiber inclusion was more effective for smaller amounts of cement, while the increase in ultimate strength was more efficacious when fiber is added to sand improved with higher cement contents. Tang et al. [12] also showed that the inclusion of fiber in cement stabilized soil led to an increase in strength as well as a rise in ductility and a reduction in brittleness [12]. In spite of the above-mentioned studies, the influence of hay fiber reinforcement on the mechanical properties of cemented soil samples and the performance of hay as a soil reinforcement have not been reported so far. Hence, the present study is an attempt to investigate the effect of hay fiber content, cement content and curing period on the mechanical properties of fine-grained soil for possible use in road sub-base for light traffic. Materials and Sample preparation Materials In this study, three components were used for sample preparation: fine-grained soil, cement and hay fiber. The fine-grained soil was obtained from a site near Paris, France. The liquid limit (L.L) was 37%, with a plasticity index (P.I) of 20% and the specific gravity of the solid (Gs) was 2.7. Based on the Casagrande plasticity chart and according to the Unified Soil Classification System (USCS), the soil was classified as a lean clay soil (CL). The grain size distribution analysis was 15% sand, 56% silt and 29% clay. Portland cement of high early strength type (CEM I 52) was used as the cementing agent. Its fast gain in strength allowed the adoption of seven days as the curing time. The specific gravity of the cement grains was 3.13 and the specific surface area was 3790 cm2/gm. The hay fibers (HF) used in this study were fibers of wheat, obtained from a field located in the "Eure et Loire" county, in the center region of France. In the laboratory, dust was removed and the hay fibers were ground into small particles by means of a Bosch crusher plant (Bocsh AXT 23TC). The
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians grains of hay had a longitudinal shape of about 5– 25 mm and approximate thickness ranged between 0.3-0.7 mm. Finally, the hay fibers were completely oven-dried at 60°C for 2 days. Sample preparation The soil samples were prepared at three different percentages of hay fiber content (0.25, 0.5 and 1% by weight of soil) and three different cement contents (2, 4 and 6% by weight of soil). In the preparation of un-reinforced soil samples, the soil was mixed with the predetermined amount of cement, and thoroughly mixed in a dry state until the mixture had a homogeneous and uniform appearance. After that, the required amount of water was added to the mixture which was then remixed thoroughly. The mixing continued until the final mixture gained a uniform moisture distribution. The wet mixture was then kept in plastic bags and left for 24 hours for untreated soil and 10 minutes for cement treated soil, as suggested by [2], to allow for mellowing. For fiber-reinforced soil samples, and if fiber reinforcement was used alone, the prescribed fiber content was first mixed randomly into the dried soil in small increments by hand, making sure all the fibers were mixed thoroughly to achieve a fairly uniform mixture, and then the required water was added. If both cement and fiber were used, the soil mixture was prepared as explained above. All mixing was done manually and proper care was taken to prepare homogeneous mixtures at each stage of mixing. The soil samples were compacted at the maximum dry unit weight (18 kN/m3) and optimum moisture content (12%), corresponding to the values obtained in the standard Proctor compaction test of the natural soil according to an ASTM D-698 procedure. After compaction, the soil samples treated with cement were immediately wrapped with cling film and coated with paraffin wax to prevent moisture loss, then left to cure at room temperature (20 ºC) for 3, 10, 30, 60 and 90 days until tested. Testing Methods Unconfined compression and P-wave velocity tests The unconfined compressive strength was determined according to the ASTM test procedure (D1633). The load was applied to the soil samples with a strain rate of 0.1 mm/min, using a Universal Testing Machine (UTM-INSTRON 4485). The P-wave velocity of soil samples was measured before the unconfined compression test. The PUNDIT instrument and two transducers (a transmitter and a receiver) with a frequency of 82 kHz were used. Results and Discussion Evolution of unconfined compressive strength The unconfined compressive strength (UCS) of untreated fiber-reinforced soil samples compacted at the maximum dry unit weight and OMC of natural soil, were measured. The soil samples were found to have UCSs of (0.19, 0.22, 0.23, 0.27 and 0.2 Mpa) for 0, 0.25, 0.5, 1 and 1.5% hay fiber, respectively, showing that the UCS of soil samples increased with increasing hay fiber content up to 1% of fiber then decreased. The increase in strength values with hay fiber addition can be explained by the fact that during compaction, the fiber surface is attached by some soil particles (especially clay particles) which contribute to bond strength and friction between the fiber and the soil matrix. Further, the distribution of discrete fibers acts as a spatial three-dimensional network to interlock soil particles, help particles to form a unitary coherent matrix and restrict displacement. Another reason is that, as the hay fibers were mixed with soil and then compacted, the hard soil particles (such as sand particles) impacted and abraded the fiber surface, causing plastic deformation and even removal of part of the surface layer. The reduction in UCS values of 1.5% hay fiber-reinforced soil samples is attributed to the fact that as packing of a high hay fiber content (i.e. 1.5%) in the soil matrix is difficult, this causes the formation of more air voids, which decreases the compressive strength. The results of the UCS of the cement treated un-reinforced and fiber-reinforced soil samples with different percentages of hay fibers and subjected to different curing periods are presented in figures (1 and 2). The UCS of all soil samples, with and without hay fibers increased with increasing curing periods. Owing to the time-dependent pozzolanic reactions, the stabilization of cement soil is a longterm process. Thus, the UCS of treated soil samples increased when increasing the curing periods. In addition, the formation of cementitious materials such as calcium silicate hydrate (CSH) and calcium aluminate hydrate (CAH) in cement-soil reactions leads to increases in bonding and interlocking forces between soil particles due to the high rigidity and rough surfaces of the compounds formed and as a result the strength of soil samples improves after cement treatment. Similar results were reported by [3], [7]. In view of the influence of cementitious materials on the soil strength, the addition of a greater
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians amount of cement can produce more cementitious materials and hence result in greater soil strength. As expected, the cement content had a great effect on the UCS of both un-reinforced and fiber-reinforced soil samples. A small addition of cement was enough to generate a significant gain is strength. In general, for all soil samples with and without hay fibers, the UCS increased approximately linearly with the increase in cement content. The inclusion of hay fiber in the cemented soil samples (for the whole range of cement contents studied) caused an increase in UCS. Fiber content plays an important role in the development of the strength. With an increase in the hay fiber content (up to 0.5%), the UCS of the cemented soil samples increased then decreased. The increase in UCS due to fiber inclusion can be attributed to the fact that the total contact area between fibers and soil particles increases with increasing the fiber content and consequently the friction between them increases, which contributes to the increase in resistance to the applied load. Further, when local cracks appear in the soil samples, some fibers across these cracks are responsible for the tension in the soil by fiber-soil friction (figure 3), which effectively impedes the further development of cracks and improves the toughness of the treated soil and accordingly changes the failure mode of the treated samples, as presented in figure (4).
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Figure 1. Unconfined compressive strength vs. curing periods



Figure 2. Unconfined compressive strength vs. hay fiber



Figure 3. Hay fibers along tension cracks
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Figure 4. Typical failure modes of soil samples cured for 90 days Evolution of P-wave velocity The P-wave velocity test method is one of the non-destructive test methods used to evaluate the stiffness properties of materials. The P-wave velocity test was conducted to evaluate the untreated and cement-treated fiber-reinforced soil mixtures and to determine the variation and correlation of the Pwave velocity with both cement and hay fiber contents and curing periods. The P-wave velocity of the soil samples was measured before performing the unconfined compression test. The P-wave velocity values of untreated soil samples showed opposite results (i.e. the P-wave velocities decreased with increasing percentages of hay fiber) to those of unconfined compressive strength: 540, 510, 475, 350 and 235 m/sec for 0%, 0.25%, 0.5%, 1% and 1.5% hay fiber content, respectively. The hay fiber had a greater effect on the P-wave velocity values of fiber-reinforced samples. The addition of hay fiber results in an increase in the void ratio (as reported previously) which represents a lower P-wave velocity value. Further, in a three-phase system (solid, liquid and gas) such as compacted soil, wave transmission occurs through all the phases. Generally, wave velocities in solids are higher than velocities in liquids, which in turn are higher than velocities in gases. Therefore, a larger amount of voids in the soil samples gives lower P-wave velocity values compared to the other samples. The results of the P-wave velocities of cement-treated fiber-reinforced soil samples are presented in figures (5 and 6). For all levels of cement content, the data demonstrate that the P-wave velocity essentially increased with the curing periods and for all hay percents. The initial void ratio, however, does not account only for the initial condition of mixing, but it also accounts for the effect of curing periods. Increasing the length of curing periods resulted in an increase in the P-wave velocity values of treated fiber-reinforced soil samples. This behavior is attributed to the reduction in the void ratio of soil samples due to the formation of cementitious materials among soil particles, which then produced a shorter traveling time through the soil samples, thus increasing the P-wave velocity. Conclusions The main conclusions from the present work can be summarized as follows:
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians • Cement stabilization can significantly improve the mechanical properties of fine grained soil. The addition of cement, even in small amounts, greatly improves the soil strength of fiber-reinforced and unreinforced cemented soils. • Randomly distributed fiber inclusions significantly increase the compressive strength and increase the axial strain to failure for the whole range of cement contents studied. • The potential benefit of stabilization was found to depend on the combinations of both cement and fiber contents. However, a low percentage of hay fiber (0.5%) can be more effective than a higher content of hay fiber for the cemented soil samples. 2500
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Figure 5. Wave velocity Vs. curing periods
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STABILIZATION OF PROBLEMATIC SOILS USING WASTE MARBLE DUST
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ABSTRACT The main objective of this research is to investigate the possibility of utilizing waste marble dust in stabilizing problematic soils. The research work was divided into two sections. The first section deals with the shear strength parameters and swelling characteristics, the second section deals with the microstructural investigation of the improved problematic soils. The marble dust addition ratios which have been studied were 0.0%, 5.0%, 10.0%, 20.0% and 30.0% by weight. Physical, mechanical and chemical properties of soil and waste marble dust samples were investigated. In addition, SEM analysis were performed to the specimens. Test results indicate that marble dust addition improved the shear strength parameters and reduced the swell potential of the tested clay samples. Marble dust had a noticeable role in the hydration process because of high calcium content. Waste marble dust addition to the clay samples will reduce the cost of constructing structures on problematic soils. Keywords: Marble dust, Waste, Problematic soils, swelling clays, SEM, Micro-structural analysis
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians INTRODUCTION Traditional materials like clay, sand, stone, gravel are being used as major materials in the highway construction and foundation works. All these materials are obtained from the existing natural resources and damage the environment due to their continuous exploitation. Nevertheless, during the process of obtaining and transporting various raw materials, high concentration polluting gases are invariably emitted to the atmosphere. Exposure to such toxic gases escaping into the environment does lead to major contamination of air, water, soil, flora, fauna, aquatic life and finally influences human health and their living conditions. Due to high transportation costs of these raw materials and environmental restrictions, it is essential to find functional substitutes or additives for traditional construction materials in the construction sector. In view of the importance of saving of energy and conservation of resources, efficient recycling of all these solid wastes is now a global concern requiring extensive research and development work towards exploring newer applications and maximizing use of existing technologies for a sustainable and environmentally sound management [1]. Wastes can be used solely or as admixtures so that natural sources are used more efficiently and the environment is protected from waste deposits [2]. Increasing demand for marble product raises the generation of waste marble material. During the cutting process of marble blocks about 25% marble is resulted in dust. In Turkey marble (natural Stone) production amount was 2.7 million m3 in 2009 and Turkey has 3.8 billion m3 of extractable marble reserve which is approximately 40% of the world’s extractable marble reserve. Waste marble dust is used in different applications and purposes as a reinforcement or raw material. Most common areas and applications are brick [3], building material [4], ceramic [5] and infiltration processes [6]. Additionally, waste marble dust is used in manufacturing white cement, mosaic, mortar and tile [7] and also is used in the production of clay based materials [5] and polymer modified mortars [8]. Coarse waste marble specimens are used as filler [9] and aggregate in asphalt pavement applications [10]. Another utilization area of waste marble is the usage in clinker production [11]. Storage and handling of the unutilized waste materials, especially, in the developing countries has resulted in an increasing environmental problem. Increasing the utilization ratio of such wastes appear to be a solution to environmental problems and will decrease the construction costs. The purpose of this study was to investigate the usability of waste marble dust in improving problematic soils encountered in road construction and foundation works. Creating new utilization areas for waste marble dust will eliminate the potentially harmful effects on environment and minimize the cost due to storage. The properties investigated include free swell, direct shear, unconfined compressive strength and microstructural analysis. MATERIALS AND METHODS Kaolinite clay, bentonite clay and waste marble dust is used in this study. The chemical composition of the materials are given in Table 1. Kaolinite and bentonite clay were supplied from a mining firm located in Çanakkale, located at the northwestern part of Turkey, waste marble dust is collected from a marble processing factory located in Muğla (southwestern Turkey). Three different clay mixtures are used in this study, [Type 1 (Kaolinite 70%, Bentonite 30%,K7B3), type 2 (Kaolinite 50%, Bentonite 50%, K5B5), type 3 (Kaolinite 30%, Bentonite 70%, K3B7), by weight] representing different activity levels. The waste marble dust was used as partial replacement of clay in the amount (0, 5, 10, 20, 30%) by weight and grounded. The samples are compacted at optimum water content within standard proctor compaction energy level. Cohesion and internal friction angle variations are determined with direct shear tests, swelling potential is determined with oedometer tests. The values represented in this study are the mean value of the three replicates. After compaction, samples were wrapped and cured at 21oC in a controlled humidity room until the test date. Samples cured for 7 and 28 days were tested for unconfined compression and direct shear test in accordance with ASTM standards. Samples cured for 28 and 90 days were tested for free swell test in oedometer cell in accordance with ASTM standards. Microstructural analysis are investigated after the curing period at Mugla Sıtkı Kocman University Central Research Laboratory by using SEM (JEOL JSM7600F).
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RESULTS Samples cured for 7 and 28 days are subjected to unconfined compression tests, results are shown in Figure 1 and 2. Waste marble dust addition increased the unconfined compressive strength values of clay samples prepared at three different activity levels. It can be seen from Figure 3 and 4, increasing waste marble dust percentage decreased the swelling potential of the tested clay specimens. The high performance of samples with waste marble dust will decrease the swelling problems of highly swelling bentonite clays especially at high marble dust contents and long curing periods. As seen in Figure 5 and 6, samples cured for 7 and 28 days are subjected to direct shear tests (applied normal forces are 20, 40 and 80 kPA) and internal friction angles increased with increasing waste marble dust ratio in the matrix. Within the conducted physical tests as described above, waste marble dust addition showed superior performance in problematic soils.



Tested samples are analyzed in SEM (Scanning Electron Microscopy) and achieved physical improvement is examined from the microstrucal perspective (Figures 7, 8 and 9). As seen in the SEM images, with increasing curing time and waste marble powder percentage, voids are filled with newly composed cementitious minerals with pozzolanic reactions with the help of high calcium content in waste marble dust. Observed images support the improved performance of stabilized clay samples. From SEM images and test results, it can be seen that obtained performance increase is higher than the added amount of waste marble dust percentage which shows non-plastic behavior. Therefore, improved performance of stabilized clays due to pozzolanic reactions and new cementitious mineral formation is significant.
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DISCUSSION Based on the experimental results obtained from this study, invention of new utilization areas of waste marble dust will decrease environmental pollution and by utilizing these waste materials in problematic soils have great contribution to the economy and ecology. Besides that, usage of waste marble dust in improving problematic soils (especially swelling) will be an alternative and economic method. The engineering parameters of clay samples having different activity levels are improved substantially by the addition of waste marble dust. High plasticity samples showed better performance in direct shear and swelling tests, low plasticity samples showed better performance in unconfined compressive strength tests.
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Abstract The behaviour of circular footing rested on natural clay deposits stabilized with stone columns with and without geogrid reinforcement was investigated using small scale laboratory tests. Finite-element (FE) analyses have also been performed using with the commercially available software package PLAXIS. Before conducting the analysis, the validity of the constitutive model was proved using laboratory tests. After achieving a good consistency, the numerical analyses were continued with different parameters such as the rigidity effect of geogrid and length of geogrid reinforcement. In this parametric study, the lengths of geogrid reinforcement were selected as 1.25D; 2.50D; 5.00D; according to the footing diameter. Also, the rigidities of geogrid reinforcement were taken as EA=10, 20, 40, 80, 160 kN/m. It is observed from parametric studies that the depth and the stiffness of the geosynthetic reinforcement significantly affect the behavior of geosynthetic-reinforced stone column resting on soft soil. Keywords: FE analysis, geogrid encasement, soft clay, soil stabilization, stone column
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Introduction High cost of conventional foundations and lack of suitable field encouraged the improvement of weak soils. Therefore, many ground improvement method has been developed. Among of these methods, stone column method is one of the considerable method of ground improvement. A stone column is essentially a vertical cylindrical “hole” dug in the soft soil layer and filled with compacted stone fragments and gravel [1]. The construction of stone-columns is typically fulfilled using replacement or displacement method. In the replacement (wet) method, native soil is replaced by stone columns. In the displacement (dry) method native soil is displaced laterally [2]. The main benefits of the stone columns technique are increase in bearing capacity, reduction in total settlement, and increase the rate of the consolidation of the soft clay. It is usually applied on weak soils such as clays, silts and silty sands. Stone columns have been used applications such as avoiding stability and settlement problems of embankments and bridge approach fills over soft soils, improving soft foundation soils and shallow foundations, landslide stabilization projects, liquefaction mitigation projects [3]. The undrained shear strength of the surrounding soil of stone column is generally important factor for the strength of stone columns. The range of 5-15 kPa shear strength for the surrounding soil of stone column is suggested as a minimum value [4]. So, some methods have been developed to reinforcement stone column for implementation in poor ground conditions Geosynthetic wrap around the stone column, filling with granular filler at top surface of the stone column and a binder material injection into the stone column has been successfully used to extend the use of stone columns to extremely soft soils. Especially encasement stone column with geosynthetics are one of the techniques of improving the performance of stone columns. With this application, the stone columns are stiffer, stronger and more resistant to dispersion of the stone column material. Field, laboratory and numerical studies for stone column have been conducted to well understanding stone column behavior. Engelhardt and Golding [5] carried out large scale field tests. They reported that in the process of stone column installation, sand lenses in the mostly cohesive subsoil are sufficiently densified with respect to liquefaction potential. So, intervening soil develops sufficient shear strength to resist safely horizontal forces. The stone column pattern which satisfied the shear and density requirements also provides an adequate load-settlement relationship. Ambily and Gandhi [6] carried out an experimental study on single column and group columns and investigated spacing between the columns, shear strength of soft clay and loading condition. Furthermore, finite element analysis has also been performed. Malarvizhi and Ilamparuthi [7] studied on understanding the behavior of encasement stone columns. They fulfilled triaxial testing on encased stone columns and were analyses numerically by axisymmetric modelling using PLAXIS software. Andreou et al. [8] investigated the stone column design parameters and carried out a series of laboratory tests. The effect of drainage conditions, the grain size of the stone column material, the confining pressure of the soil and the rate of deformation were investigated. Keykhosropur et al. [9] carried out numerical analyses of different aspects of the performance of geosynthetic-encased columns using the finite element code ABAQUS. Parametric analyses carried out to evaluate the influence of different factors such as stiffness of the encasement, column diameter, and friction angle and elastic modulus of the stone column material, on the behavior of the geosynthetic-encased columns group. Deb and Mohapatra [10] investigated on the behavior of stone column-supported geosyntheticreinforced embankments. They reported the analytical method and it is verified with some design methods. This study is focused directly on the behaviour of circular footing rested on soft clay deposits stabilized with stone columns with and without geogrid reinforcement. Numerical analyses were carried out using two-dimensional, finite-element formulations. Before conducting the analysis, the validity of the constitutive model was proved using laboratory tests performed by the authors. After achieving a good consistency, the numerical analyses were continued with different parameters (the
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians rigidity effect of geogrid and length of geogrid reinforcement). In this parametric study, the lengths of geogrid reinforcement were selected as 1.25D; 2.50D; 5.00D according to the footing diameter. Also, the rigidities of geogrid reinforcement were taken as EA=10, 20, 40, 80, 160 kN/m. Experimental investigation Properties of materials used Clay, crushed stone, and geogrid were used for current experimental investigations. A series of unconfined compressive strength (UCS) tests were carried out on cylindrical specimen with 38 mm diameter and 76 mm height to determine the moisture content corresponding to 15 kPa undrained shear strength of the clay. Water content of the clay was 35% and this amount was kept as the same in all tests. Crushed stones (aggregates) of sizes between 10 and 2 mm were used to form stone column. The maximum dry unit weight ( max) and minimum dry unit weight ( min) of the aggregate are 14.5 and 13.9 kN/m3, respectively. Other properties of the aggregate for the stone column are given in Table 1.



Geogrid was used for encasement of the stone column. Geogrid used in the experimental study, is commercially available from GEOPLAS Company. The properties of geogrid taken from GEOPLAS Company are shown in the Table 2.



Experimental setup and test program
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians To prepare the clay bed, a circular tank of 60 cm diameter and 60 cm high was used in all the tests. A steel pipe with 5 cm diameter was used for preparing the stone column. The stone column was built from beginning to end of the clay bed surface. Steel circular plate of 5cm diameter and 25 mm thickness was used as a foundation to apply the load. Two LVDTs were attached for measuring the settlement of the footing during the application of load. The sketch of test setup is shown in the Figure 3. In all the tests, same procedure was performed to prepare the clay bed. Clay bed prepared at water content of 35%. Before filling the tank with clay, inner surface of tank wall was greased to prevent friction between clay and tank wall. Clay was filled in the tank in layers with measured quantity by weight and in five equal layers of 50mm thickness. Each layer was compacted with steel hammer. In all the tests all clay bed height was taken as 25 cm. Pipe was located at the center of the tank and then filled the tank with clay. After preparation of clay bed, the crushed stone was filled into the pipe with total weight of crushed stone was divided into five equal batches to fill up the hole. The crushed stones were compacted to a density of 14.30 kN/m3 to construct stone column Outer surface of pipe wall was greased to prevent friction between clay and pipe wall. Summary of experimental study is shown in the Table 3.



Finite Element Analysis Finite element (FE) analysis is a powerful mathematical tool that enables to solve complex engineering problems. The finite element method is a well-established numerical analysis technique used widely in many civil engineering applications both for research and design of real engineering problems. The
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians finite element can be particularly useful for identifying the patterns of deformations and stress distribution during deformation and at ultimate state. Because of these capabilities of finite element method, it is possible to model the construction method and investigate the behavior of shallow footings and surrounding soil throughout the construction process, not just at the limit equilibrium conditions [12]. Numerical analyses were conducted using the program Plaxis 2D. It is a finite element package specially developed for the analysis of deformation and stability in geotechnical engineering problems [13]. Stresses, strains and failure states of a given problem can be calculated. In the analysis, the boundary dimensions for FE analyses were determined by conducting several analyses on different mesh sizes to select the dimension of the mesh in which the footing’s bearing capacity is not affected by the boundary conditions. So, the horizontal and vertical dimensions were selected as 5D and 4D. The soil medium was modeled using 15-node triangular elements. Because of the symmetry, only one half of the soil-footing system is considered. Typical graded finite element mesh composed of soil and foundation together with the boundary conditions and the geometry of the soil system used is shown in Figure 4.



An elastic-plastic Mohr Coulomb (MC) model was selected for clay and stone column behavior in this study. MC model is a practical and user friendly model that includes only a limited number of features that soil behavior shows in reality. Although the increase of stiffness with depth can be taken into account the MC model does neither include stress dependency nor stress-path dependency of stiffness or anisotropic stiffness. In general, stress states at failure are quite well described using the MC failure criterion with effective strength parameters. MC model involves five input parameters, i.e. E and v for soil elasticity; ƒÖ and c for soil plasticity and ƒé as an angle of dilatancy. The MC model represents a ¡§first order¡¨ approximation of soil behavior [13]. It is reviewed from the literature that homogeneous and saturated clay soils were analyzed in undrained soil condition with MC model. It is reported that undrained bearing capacity of soil increases generally with depth. Some researchers indicate that selecting a proper value of undrained cohesion and using MC model is sufficient for simulating clay soil behavior [14-17]. Table 1 presents clay soil and granular fill bed material parameters used in numerical analyses. The dilatancy angle ƒé is taken as 15¢X, (ƒÖ-30¢X) based on the equation proposed by Bolton [18] and the remaining model parameters were measured.
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Validation of Test Results with Finite Element Approach Test Series I: Soft Clay Deposit In test Series I, a laboratory test was conducted using circular foundation (diameters of 0.05m) rested on a soft clay deposit. The load-settlement curves, including the numerical analysis, are presented in Figure 7a. The horizontal and vertical axes show the bearing capacities and the settlement ratios, respectively. The settlement ratio (s/D) is defined as the ratio of the footing settlement (s) to the footing diameter (D), expressed as a percentage. It is clear from the figure that the vertical displacements predicted by the numerical analysis are in very good agreement with the experimental results. Since the load was applied directly through the soft clay soil in test Series I, the settlement pattern generally resembles a typical local shear failure and the maximum load bearing capacity was not clearly well defined. Test Series II: Stone Column Reinforced Soft Clay Deposit The effect of the stone column on the bearing capacity and the settlement behavior was investigated in tests Series II. Figure 7b shows the relation of bearing capacity to s/D ratio obtained from the numerical study and the test Series II. As seen from the figure, the vertical displacements predicted by the numerical analysis are in very good agreement with the experimental results. It is shown that stone column layer helps to increase the load-bearing capacity of the footing and decreases the settlement allowable load since the stone column layer is stiffer and stronger than the natural clay. The partial replacement of the soil with the granular-fill layer (stone column) results in a redistribution of the applied load to a wider area and so minimizing the stress concentration and achieving an improved distribution of induced stress. For this reason, the bearing capacity can be improved while the footing settlement is reduced. It is observed that the load-settlement curve is rounded and becomes steeper and takes on an almost a linear shape. A peak load is never observed and no definite failure point can be established. The mode of failure can be described as a local shear failure. Test Series III: Geogrid Encasement Stone Column Reinforced Soft Clay Deposit The effect of the stone column with geogrid encasement on the bearing capacity and the settlement behavior was investigated in tests Series III. Numerical and experimental results are shown in Fig. 7. As seen from the figure that vertical displacements predicted by the numerical analysis are in very good agreement with the experimental results. The agreement is seen especially at the initial part of the graphs.
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The load-displacement curves obtained from the FE analysis for Series I, Series II and Series III are shown together in Figure 8. As seen from the figure that stone column increases the bearing capacity of unreinforced clay bed and geogrid encasement improves the performance of stone column. At the constant values of s/D (%), the improvement in bearing capacity is about %256 between test series I and II for stone column reinforcement. On the other hand the improvement is approximately %72 between test series II nad III for geogrid encasement.



Details of the Parametric Study The effect of geogrid stiffness was examined by varying the geogrid stiffness values. As shown in the Fig. 9, as geogrid stiffness increases, bearing capacity of the stone column increases. In addition, geogrid encasement length was evaluated for different L/H ratio. L is the geogrid encasement length from the top portion of stone column. H is the stone column length which is 25 cm in all FEM analysis. Geogrid stiffness kept constant which is the 10 kN/m while L/H ratio is variable. It is clear from the Fig. 10 that load carrying capacity decreases by the decrease of the geogrid encasement length.
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Discussion The behavior of circular footing rested on natural clay deposits stabilized with stone columns with and without geogrid reinforcement was investigated using small scale laboratory tests and 2D FE program Plaxis. Based on this investigation the following main conclusions can be drawn. • Numerical analyses, using a simple constitutive model (Mohr Coulomb model) gave results that closely match those from physical model tests for short term stability. • A significant improvement in the bearing capacity of a footing can be obtained by installing stone column in soft clay bed. The bearing capacity of the footing can be further increased by placing geogrid encasement. It is found that the improvement is about %256 between test Series I and II for stone column reinforcement. On the other hand it is approximately %72 between test Series II and III for geogrid encasement for the constant values of s/D (%). • The FEM analyses were also conducted to evaluate geogrid stiffness effect for encasement of stone column. The improvement of stone column with encasement increases the bearing capacity of unreinforced clay bed. As seen the behavior of stone column with geogrid encasement is mainly influenced by geogrid stiffness. The geogrid encasement effect changes with the length of encasement. Bearing capacity decreases by the decrease of the geogrid encasement length.



32



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians References [1] Poorooshasb, H. B., and Meyerhof, G. G. (1997). Analysis of behavior of stone columns and lime columns. Computers and Geotechnics, 20(1), 47-70. [2] Lee, J. S., and Pande, G. N. (1998). Analysis of stone column reinforced foundations. International journal for numerical and analytical methods in geomechanics, 22(12), 1001-1020. [3] Kuruoğlu, Ö. (2008). A new approach to estimate settlements under footings on rammed aggregate pier groups. PhD thesis. The graduate school of natural and applied sciences of Middle East Technical University. [4] Wehr, J., 2006. The undrained cohesion of the soil as criterion for the column installation with a depth vibrator. In: Proceedings of the International Symposium on Vibratory Pile Driving and Deep Soil Vibratory Compaction. TRANSVIB, Paris, pp. 157-162. [5] Engelhardt, K., and Golding, H. C. (1975). Field testing to evaluate stone column performance in a seismic area. Geotechnique, 25(1), 61-69. [6] Ambily, A. P., and Gandhi, S. R. (2007). Behavior of stone columns based on experimental and FEM analysis. Journal of geotechnical and geoenvironmental engineering, 133(4), 405-415. [7] Malarvizhi, S. N., and Ilamparuthi, K. (2008, October). Numerical analysis of encapsulated stone columns. In 12th International Conference of International Association for Computer Methods and Advances in Geomechanics, Goa, India (pp. 3719-3726). [8] Andreou, P., Frikha, W., Frank, R., Canou, J., Papadopoulos, V., and Dupla, J. C. (2008). Experimental study on sand and gravel columns in clay. Proceedings of the ICE-Ground Improvement, 161(4), 189-198. [9] Keykhosropur, L., Soroush, A., and Imam, R. (2012). 3D numerical analyses of geosynthetic encased stone columns. Geotextiles and Geomembranes, 35, 61-68. [10] Deb, K., and Mohapatra, S. R. (2013). Analysis of stone column-supported geosyntheticreinforced embankments. Applied Mathematical Modelling, 37(5), 2943-2960. [11] Sarıcı T., Demir A., Altay G., Laman M., Ok B., and Bağrıaçık B., (2013), Yumuşak Kil İçindeki Taş Kolonun Küçük Ölçekli Model Deneyler İle Değerlendirilmesi, 5. Geoteknik Sempozyumu 5-7 Aralık 2013, Çukurova Üniversitesi, Adana [12] Laman, M. and Yildiz, A. (2007). Numerical studies of ring foundations on geogrid-reinforced sand. Geosynthetics International 14 (2), 1–13. [13] Brinkgreve, R. B. J., Broere, W. and Waterman, D. (2004). Plaxis finite element code for soil and rock analysis, 2D –Version 8.6. [14] Lehane, B. M. (2003). Vertical loaded shallow foundation on soft clayey silt. Proceedings of the Institution of Civil Engineers, Geotechnical Engineering, 17–26. [15] Taiebat, H. A. and Carter, J. P. (2002). Bearing capacity of strip and circular foundations on undrained clay subjected to eccentric loads. Geotechnique , 52 (1), 61–64 [16] Long, M.M. and O'riordan, O. (2001). Field behaviour of very soft clays at the Athlone embankments. Geotechnique, 51 (4) 293-309. [17] Osman, A. S. and Bolton, M. D. (2005). Simple plasticity-based prediction of the undrained settlement of shallow circular foundations on clay. Geotechnique 55 (6), 435–447. [18] Bolton, M.D. (1986). The strength and dilatancy of sands. Geotechnique, 36 (1), 65-78.



33



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Suction variation below axial loading an experimental approach



Suhail A. A. Khattab1, Asma Ahmed Ali2 [email protected], [email protected] 1 2



Civil Engineering department, University of Mosul / MOSUL - IRAQ, Civil Engineering department, University of Mosul / MOSUL - IRAQ,



Abstract Research works deals with geotechnical problems involving soils with negative pore water pressure, an attempt to increase the knowledge and understanding the hydraulic response of unsaturated soils upon being subjected to monotonic loading stress. An experimental study was carried out to investigate the variations of suction under axial static loading increments of fine grain soil (CL-ML) using a prototype foundation model (100×100×20mm). Test were carried out in a specially designed bearing capacity box (900×900×850) mm with soil suction measurements. Monitoring suction during compression involves non equilibrium effects due to air and water drainage processes. The result showed that suction remains constant during steady loading period and change at onset of load increment. The sensors varied in suction is 1 kPa per load increment (300kg). The settlement – time relation for the transducer at different vertical stresses (300,600,900) kn/m2 curves describe steady increasing in the rate of settlement with time, at height stresses the rate of settlement increase from 0.013 to 0.03 mm/min, within this rate of settlement increasing the suction variation in sensors S1,S2
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians show different behavior, related to reducing it volume and hence was increasing its degree of saturation and followed the transient regime from dry to wet face state. Test were carried out at constant water content with the facility to monitor suction using watermark sensors. The hypothesis is that the domain of constant suction results from competition between the redistribution of soil water in small pores created by compression that tends to increase in soil suction and a global decrease in pore space that tends to decrease soil suction. This assumption can be examined by comparing qualitatively the change in soil suction with vertical stress observed for soil at initial suction readings . Keyword: suction variation , partial saturation , load increment, fine grain soil



Introduction The performance of foundation systems on unsaturated soil deposits is considerably influenced by variations of the negative pore-water pressure (i.e., matric suction) distribution within the soil mass due to local microclimate conditions. Much attention has been paid recently to the constitutive modeling of partially saturated soils. Although the notion that the presence of negative pore-water pressures (matric suction) in the soil influences the behavior of foundations is not new, there is only limited information reported in technical literature dealing with the quantification of this problem. In this research, an attempt to increase the knowledge and understanding the hydraulic response of unsaturated soils upon being subjected to monotonic loading stress. The present work deals with the variation of soil matrix suction under the application of stress, in order to facilitate more elaborate analytical solutions in geotechnical problems involving soils with negative pore water pressure. The matric suction (ua–uw), (where ua is the pore-air pressure and uw is the pore water pressure) changes in response to the imposed environmental changes. The matric suction in a soil profile can vary widely, whereas the net total stress state remains entirely constant. A model footing (100×100×20mm) carried out tests in a bearing capacity tank (900×900×850) mm was used on saturated- unsaturated fine grained soil with a continuous measurements of soil suction. Tests were carried out at constant water content with the facility to monitor suction using watermark sensors . Background Some authors studied the soil suction of samples under different levels of compression stress, soil suction remains quasi constant or increased for compressive stresses lower than the initial applied stress (Larson & Gupta, 1980; Wulfsohn et al., 1998; da Veiga et al., 2007). This stress at the beginning was related to the saturation degree of soils. On the contrary, Tarantino & Tombola (2005) studied the change of suction during shearing using a modified shear box to perform the direct shear test on unsaturated samples of a compacted statically inactive clay samples with different compacted effort and different water content. The study reported that suction decreased or increase systematically according to initial water content and applied stress. The specimens with the highest water content reached saturation during compression and remained saturated during the subsequent shearing . Peng et al. (2004) showed that continuous soil suction monitoring during compression involves non
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians equilibrium effects due to air and water drainage processes. Also the effects of loading time on the soil suction change in the transient regime which follows the stress application. These changes were found to be related to the pre compression stress (i.e., drying and wetting). Variations of soil suction under static compression were investigated also by K. Cuiab, P. Defossezac, Y.J. CUId, G. Richarde (2010) using an oedometer with soil suction measurements. For initial suction higher than 20 kPa, matrix suction remained quasi constant under a stress threshold t which increased with increasing initial soil suction and with increasing sieve size . Dejin Hu (2010) during measured matric (with modified triaxial tests) found a continuously decrease of suction with the axial strain and the reduction was more significant under higher initial matric suction specimen . Xiong Zhang (2004) show through studies the Influence of the mechanical stress on soil behaviors, there is great influence of the mechanical stress on the soil-water characteristic curve at the low suction range but little or no influence at the high suction level. The air entry value seems to be higher at high mechanical stress level than at lower mechanical stress level. this is explained as: when the soil is compressed, the soil pore size will decrease so that a higher matric suction value is needed for the air to enter the soil pores. Materials A silty sand artificial soil was used in this study, the soil physical and engineering properties are presented in tables 1 and 2 respectively. The model soil layers wear compacted at maximum dry unit weight and optimum water content in the box with 13 equal layers 4mm in thickness using dynamic compaction energy in such a way to obtain a constant void ratio with depth at the initial state. A suitable aggregate layers reach 10mm thickness presented under soil layers as filter to protect a previous soil materials, designed according to Terzaghi (1940) criteria .



Table (1) Physical properties Soil Property Liquid limit (L.L) Plastic limit (PL)



28 23



Plasticity index (PI) Soil classification (USCS)



5 CL-ML



Specific (Gs)



gravity



2.69



Max. dry unit weight (kn/m2)



17.1



Optimum moister content



14



Table (2) Engineering properties Engineering Properties Component of shear resistant C, Φ Initial void ratio Coefficient of compressibility index (av) Coefficient of consolidation (Cv) Compressibility & Swelling index (Cc,Cs) Coefficient of permeability K



15 kpa ,36ο 0.545 0.008 0.005 0.063,0.00163 2.65E-5



Suction measurement The matrix suction of soil was measured using WATERMARK sensors of 22 mm in diameter and 83mm length as shown in Fig.1(a) and recorded by Watermark Monitor during testing as shown in fig.1(b). this device has a capacity of measuring soil water tension ranging from 0 to 239 cb (kPa) . The sensors S1, S2 were inserted through an opening hole at a depth of 1B and 2B respectively beneath (
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians B footing width) footing center within the stress bulb distribution 0.4q ,0.1q (q is contact pressure) , see figure 1(c) . The sensor is a solid-state electrical resistance sensing device that is used to measure soil water tension. As the tension changes with water content variation the resistance changes as well. That resistance can be measured using the WATERMARK Sensor. The sensor consists of a pair of highly corrosion resistant electrodes that are imbedded within a granular matrix. A current tension changes is applied to the WATERMARK sensors to obtain a resistance value. The WATERMARK Meter correlates this resistance to centibars (cb) or kilopascals (kPa) of soil water tension, according to Sustainable Agriculture Techniques by c.c Shock,R.Flock , E. Feibert ,C.A.Sock , A.Pereira and L.Jensen 2005. Soil moisture sensors were conditioned prior to installation to ensure a good quality of soil suction measurements. The sensors were soaked to saturation and then fully dried twice, followed by soaking to saturation again prior to the installation. This “conditioning” of the sensors is important to ensures quick response to soil moisture variation. The variation of suction was measured within the model for a minimum of 5 days under the applied vertical stresses. Anti-evaporation arrangement with a neoprene membrane was used successfully.



(a)



(b)



Fig.1 suction measurement: a) watermark sensor ; b) watermark monitor ; c) sensors locations The soil water characteristic curve SWCC fig.2 for the tested remolded soil was obtained by imposing suction following three methods discussed by Fredluned, Rahardjo 1993 Saline solution method (suction range of 2000-400000kPa), in this method, relative humidity produced from chemical solutions is used in closed desiccators to obtain a specified total suction in soil samples placed over plastic mesh which are placed (5 cm) above saturated chemical solution inside desiccators. Osmotic membrane method to cover suction (100-1500) kPa, the sample inside semi permeable membrane is soaked in polyethylene glycol solution (P.E.G.) with different concentrations and placed inside well closed glass containers. finally, pressure plat test method (0-500) kPa is used as well, this method, provide a convenient, reliable means of removing soil moisture, under controlled conditions .
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FIG.3 Sketch model footing test box After preparing soil model and inserting sensors, the loading was applied on the model footing during test, a hydraulic jack with load cell of 2 ton in capacity used. The load increment increased approximately 300 kg equivalent one-fifth of the estimated safe bearing capacity of the soil 25mm in length Transducers (accuracy of 0.01 mm) were utilized for measuring settlement figure 3. Continuous observations were recorded for transducers , load cell and sensors for every load increment. Load per increment remain constant until reaching the rate of settlement of less than 0.25 mm per hour. The test continues until shear failure or attaining a total settlement of 25 mm ( ASTM D1194-72) . It is worth noting that the vertical displacement and load increment were recorded with a special data logger of 6 channels.
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Fig.3 Transducers and load cell during testing



Results Figure 4 exhibit the suction variation behavior with time during loading for the two sensors S1,S2 . The result showed that suction remain constant during steady loading period and change with every increasing load increment 300 kg as pointed out at past paragraph . In addition ,it is noted from figure that the sensors varied in suction is 1 kPa per increment. S1 sensor shows increasing while S2 decreasing in suction during loading . Figure 5 showed the settlement –time relation for the transducer at different vertical stresses (300,600,900) kN/m2, curves describe steady increasing in the rate of settlement with time. But at height stresses the rate of settlement increases from 0.013 to 0.03 mm/min, within this rate of settlement increasing the suction variation in sensors S1,S2 show different behavior. Sensor S1 recorded decrease in suction from 12 to 11 kPa for a few mints followed by increasing with increase load increment see figure 4, 6 reach 15 kpa Sensor S2 record decreasing in suction with load increment increases from 7 to 0 kPa as shown in figure 4 to 6. Stress settlement behavior of footing during loading with 9 kPa suction ( suction distribution within stress bulb) is local shear failure, normally known to be encountered in medium-dense sands and medium-stiff clays. It is characterized by the lack of a distinct peak in the pressure versus settlement position Brjar.M.Das1941 as shown in fig.7.



Fig.4 Suction- time relation for sensors S1,S2
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Fig.5 Settlement- time curves at different loading



Fig. 6 Suction- loading stress relation at sensors S1, S2



Fig.7 stress- settlement relation



Discussions As shown from results show that, the sensors S1 and S2 recorded different suction variation during applied load fig. 4 . S1 sensor exhibit decline for a few minute at the beginning of loading followed by increase in suction, suction changes undergoing compression were consistent agree with the volume change, in the sense that suction decreased when volume reduced or vice versa. So it is consistent with the results that obtained by Peng et al. (2004) , which showed that continuous soil suction monitoring during compression involves non equilibrium effects due to air and water drainage processes. The results also indicated that the suction remains almost constant until the onset of the next acting stresses. This can be explain as; the unsaturated soil specimen is surrounded by occluded air bubbles the water pressure could not attain positive values without effecting other factor. So it is clear that the effect on mechanical behavior of unsaturated soils depend on two stress state variables (suction and net normal stress). Suction decreasing in S2 to zero kPa related to reducing it volume and hence was increasing its degree of saturation, this followed the transient regime from dry to wet face state. Settlement – time relation shows steady in rate of settlement with time, while exhibited increase at high stress when load reach amount greater than compacted vertical stress fig.8. This is consistent with results of Peng et
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians al.(2004) and Krümmelbein et al. (2008) which showed the effects of loading time on the soil suction change in the transient regime following the stress application. These changes were related to the pre compression stress (Peng et al., 2004). The suction behavior of sensors during loading may be related to the compacted soil structure and clay content. Larson & Gupta (1980), Wulfsohn et al. (1998), da Veiga et al. (2007), studies compressibility on expansive soils, indicate a decrease in suction at the begging of applied load and then increase. This will occur due to compress in pore size and after that the dissipation of water from pores. Regarding to the stress – settlement relation the suction shows a quasi-constant during loading processes, and the frailer occur due to excessive settlement. . Conclusion Variations of soil suction under static loading increments were investigated using a foundation model with soil suction measurements. Monitoring suction reading during compression involved non equilibrium effects due to air and water drainage processes. Suction showed different patterns behavior, according to their sensors regain . When the soil was undergoing compression, suction was observed to either decrease or increase. Suction changes were consistent with the volume change, in the sense that suction decreased when volume reduced or vice versa. The hypothesis is that the domain of constant suction results from competition between the redistribution of soil water in small pores created by compression that tends to increase soil suction and a global decrease in pore space that tends to decrease soil suction. This assumption can be examined by comparing qualitatively the change in soil suction with vertical stress observed for soil at initial suction readings .
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ABSTRACT Some soil improvement methods have been developed for solving the problems associated with bearing capacity and large deformation of structures built on soft ground and their stability problems (lateral spread, local failure, etc.). One of these methods is the application of placing stone columns (SCs) under the foundation of the structure and another one is rammed aggregate piers (RAPs). Moreover, a Geotextile Encased Column (GECs) produced by encasing a geotextile fabric around the stone columns is effective in enhancing the bearing capacity. This paper investigates the qualitative and quantitative improvement of the individual load capacity of stone columns (with and without geotextile encasement) and rammed aggregate piers through laboratory model tests conducted on these columns installed in clay bed prepared in controlled conditions in a large scale testing tank. The load tests were performed on single stone column with and without encasement and a rammed aggregate pier. For this purpose, model experiments are conducted in two steps. A rammed aggregate pile machine, which is developed by utilising Yıldız Technical University facilities, is used. In conclusion, important results about the improvement ratio and working mechanism of stone columns (SCs), geotextile encased columns (GECs) and rammed aggregate piers (RAPs) under axial load are obtained by conducting model tests. Keywords: Stone Column, Stabilization, Geotextile, Soft Clay
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INTRODUCTION The construction of buildings, industrial plants and transportation structures over the past decades has increasingly involved the need to develop sites containing poor soils. The poor soils may include organic deposits, floodplains and dredged soil areas, marine and deltaic deposits, debris fills. Structures constructed on these types of soils may experience problems, such as excessive settlements, large lateral flows and slope instability. To control the settlement of flexible structures, and particularly transportation embankments or oil storage tanks on soft soils, different types of stone columns (also called granular piles) are preferred (23). The stone columns are formed by ramming stones inside a casing pipe or by using a vibro-flotation technique. It is well established that the stone columns derive their load capacity from the lateral confining pressure from the surrounding soils (11,6). When the stone columns are installed in very soft clays, they may not derive significant load capacity owing to low lateral confinement. McKenna et al. reported 18, cases where the stone column was not restrained by the surrounding soft clay, which led to excessive bulging, and also the soft clay squeezed into the voids of the aggregate. In such situations the load capacity of the stone column can be improved by imparting additional confinement to the stone column by encasing the individual stone columns using a suitable geosynthetic. Several advantages can be gained by encasing the stone columns, such as stiffer column support and prevention of the loss of stones into the surrounding soft clay (27, 2, 8, 9, 15,25). Al-Joulani investigated the performance of sleeve-reinforced stone columns through laboratory uniaxial and triaxial compression tests 3 . Ayadat and Hanna have reported the benefit of encasing stone columns installed in collapsible soils (5). Murugesan and Rajagopal evaluated the behaviour of geosynthetic-encased stone columns through numerical analyses, and found that the encased stone columns are stiffer than conventional stone columns, and are less dependent on the strength of the surrounding clay soil to mobilize column load capacity fully ( 23,24). Over the past several years, rammed aggregate piers (RAPs) have been increasingly used to reduce intolerable settlements and improve the bearing capacity of soft soils underneath shallow foundations (31, 16,32). Pier installation involves removing a portion of the soft soils and replacing it with densely compacted aggregate materials, thus improving the overall stiffness of the composite ground under the footing. The unique construction process, which has been documented in the literature by a number of authors basically consists of backfilling and compacting successive nominal 0.3 m layers of base-course aggregate in prebored cavities using a specially designed, bevelled tamper connected to a hydraulic rammer (10). During pier installation, the compaction effort for the first backfilling layer of aggregate is typically increased to create a firm and slightly enlarged base on which the remainder of the pier is constructed. As a result of compaction, the aggregate in the cavity is expanded downward at the bottom of the cavity and laterally along the shaft, thereby prestressing and prestraining the matrix soil around the pier. The cavity expansion contributes to improved pier stiffness and compaction of the surrounding matrix soils (29,30). This paper reports the results from a series of laboratory model tests performed in a circular tank with stone columns with and without geotextile and rammed aggregate pier at the centre and the soft soil surrounding it. MATERIALS AND METHODS In this study, the improvement ratio of stone columns, GECs and rammed aggregate pier constructed in soft soils and their load carrying mechanism is investigated. Three-stage model testing is conducted with a “stone column machine” built within the facilities of Yildiz Technical University. Soft clay (kaolinite) soils are consolidated under the same pressure in model testing tanks within which traditional and geotextile encased stone columns and rammed aggregate piers are then separately constructed and loaded to reach failure. A fourth load test is conducted on a soil bed which has not been improved. Simple shear tests are realized on undisturbed samples taken by thin-walled tubes before and after the improvement through stone columns to measure the improvement ratio. The loaddisplacement values during all stages of testing are measured and compared through settlement plates placed on the soil surface.
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Testing system Test set-up, which is designed to produce model stone columns/rammed aggregate piers, consisted of a frame made of 1400 x 1400 x 2000 mm steel sections; an electric motor used to ram the column; another motor in the middle which enables the column to penetrate into the soil and a 10 cm probe to dig a cavity in the ground and form the column (Figure 1). The testing system has the capacity to apply a 40 kN (4 ton) vertical load. The pressure applied on the casing is measured by a load cell placed on the system. Furthermore, the stone column apparatus can vertically hammer for constructing rammed aggregate piers. The testing frame is fixed to the ground in four points to allow the apparatus to reach sufficient power during model aggregate column production. Column material is placed through a tank placed on top of the casing into the cavity formed by the pushed casing. Pore pressure transducers are placed to monitor the behaviour of the ground formed within the model tank during the production of stone columns and the stone column loading experiment. The pore pressure transducers are placed 15 cm and 30 cm away from the exterior surface of the tank, respectively. The displacement transducers are used to measure displacements during the stone column loading experiment (Figure 1, Figure 2). A data acquisition device is used to computerise the signals obtained from the pore pressure sensors and the displacement transducers used in experimental studies (4 , 26).



Figure 1. Model test system



Figure 2. Schematic of experimental test system



Soil properties and preparation of clay bed In model tests, a mixture containing 60% sand and 40% kaolin clay is placed in the tank. Index properties of the mixture are presented in Table 1. The sand used in the test is poorly graded sand (SP) according to the Unified Soil Classification System (USCS). The index properties obtained from sieve
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Table 1. Index Properties of the mixture used in Test



Specimen Name Clay-Sand Mixture



WL (% ) 27



WP (%)



IP (%)



16



11



Table 2. Index properties of gravel Coefficient Coefficient of gradation uniformity ( Cc ) ( Cu ) Gravel



2.26



1.27



Grain Size Distribution Sand Clay (%) (%) 60



of



40



Gs (gr/cm3) 2.63



Average grain size, D50 (mm)



Effective diameter D10 (mm)



6.0



3.1



Figure 3. Particle size distribution for sand and gravel The soil is placed on the test tank in 10 days. Water is added to the soil with the help of a mixer. Water is added in stages to obtain a homogenous soil at the end of mixing. The water content of the mixture at each stage is determined so that average water content is (wort) 40%, i.e. 1.5wL. As proposed in the literature this value is sufficient for the consistency of the slurry to have a viscosity allowing easy placement in the tank. Drainage is permitted at the top and bottom of the clay bed by placing a 50-mm thick gravel layer sandwiched between geotextile layers. The consolidation of the clay bed is continued for a period of 10 days until the rate of settlement is less than 1mm/day.
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians After consolidating the soil with its own weight, a plate and an airbag are placed on the soil (Figure 4). The tank, on which the airbag is placed, is covered with a metal plate equipped with a connector system. For a total of 60 and 75 days, the soil sample in the tank is consolidated by applying 10 kPa, 30 kPa, 60 kPa and 100 kPa vertical pressures, respectively. During the consolidation, drainage is provided with a tap under the tank and a drainage pipe on top of the tank allowing collected water to drain. Consolidation times at various pressure levels are observed and recorded with vertical displacement transducers.



Figure 4. A large size inner tube used as an airbag placed in the tank to apply pressure Rowe Cell Consolidation, Unconfined Compression Test and Triaxial Tests for Clay The necessary features of the material are determined in the laboratory with resistance experiments to examine the behaviour of the ground sample prepared with a mixture of clay-soil with numerical analysis during stone pile production and axial loading. The unconfined compression and three-axis UU and CU experiments are carried out on the waterlogged samples obtained at the final consolidation pressure, from 25 kPa to 50 kPa and 100 kPa, using the Rowe cell (Figure 5). The consolidation pressures used in these experiments are 100 kPa and 200 kPa, and the material parameters obtained are shown in Table 3 27. The average cohesion values obtained from unconfined compression and unconsolidated-undrained three-axis compression experiments and the average undrained displacement resistance values measured within the tank are about 12 kPa and they are in conformity with each other.



Figure 5. Rowe Consolidation Test Table 3. The Results of Unimproved Ground Experiments Cu(kPa) c′ (kPa) (°) ' (°) Unconfined 13 Compression



Eu (kPa)



E' (kPa)



571



513



47



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Test UU CU Pocket Penetrometer Hand Vane Test



14 -



0



36



26



727 13300



18



-



-



-



-



12



-



-



-



-



654 11970



-



Installation of stone column (SCs), geotextile encased stone column (GECs) and rammed aggregate pier (RAPs) All experiments were carried out on a 100 mm diameter stone column surrounded by soft clay in a cylindrical tank of 900 mm high and a diameter of 1000 mm (4 , 26). The steel casing pipe was pushed into the soil along with a baseplate having a circular groove to accommodate the casing pipe in order to prevent the soil from entering the pipe during the installation. When the casing pipe is pulled out, the baseplate remains in the soil. In the case of encased stone columns, the encasement was provided around the casing pipe, which also covers the baseplate. The quantity of the stone aggregate required to form the stone column was premeasured and charged into the casing pipe in layers of 50 mm thickness. The stone aggregate was moistened before charging into the casing pipe in order to prevent it from absorbing the moisture from the surrounding clay soil. In the first phase of the model experiments, the stone columns are produced. After boring to the predetermined depth (70 cm) for the stone column within ground, the probe is pulled up and the pebble is poured into the space, thus the stone columns are produced (Figure 6). In the second phase of the model experiments, the geotextile-covered stone columns are produced (Figure 7). The latticed geotextile that the features are given in Table 4 is transformed into a stone column case, and then wrapped to the probe part, boring part of the column machine. Table 4. Geotextile Properties (PP 20/17) Tensile Strength (Tmax) Elongation at maximum load ( max) Characteristic Opening Size (O90) Water Flow Rate qN (h = 50 mm)



20,0 16 240 22



kN/m % μm l/(m2s)



The casing pipe along with the geosynthetic encasement was slowly pushed 70 cm into the clay bed vertically at the specified location in the clay surface in the tank. Only static force was manually applied to push the casing pipe gently into the soil so as to minimize the disturbance in the clay soil that might change the properties of the clay after reinforcement. The displaced clay during the installation of the stone column was taken out and the surface of the soil was trimmed level. After placing each layer of stone aggregate, the casing pipe was lifted up gently, leaving the base plate and the geosynthetic encasement intact to a height such that a minimum overlap of 15 mm between the bottom of the casing pipe and the stone fill within the casing pipe was always maintained. This is to prevent intrusion of surrounding clay soil into the stone column or neck formation in the geosynthetic in the case of ESCs due to the lateral thrust of the surrounding clay. In the construction of model RAPs, the probe is pushed down to 70 cm depth, paying attention to the distance from the bottom of the tank. The probe is then pulled up 20 cm and filled with gravel from the tank attached on the top. The gravel, which fills the void at the bottom, is then compacted to 7 cm by a combination of applied ramming and vibration. The final height of rammed aggregate pier is reached by repeating these procedures four times.
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Figure 6. The stone column formed in tank as a result of the experiment (Namal, 2011)



Figure 7. The before and after image before starting to geotextile-covered stone column production in the model experiment tank (Namal, 2011) Load tests on columns Plate loading tests are performed to determine the loading capacity of the stone column (SCs), geotextile encased stone column (GECs) and rammed aggregate pier. Considering that the columns have a greater column diameter than the probe diameter due to applied procedures and that they also improved the surrounding soil, a plate having a diameter of 20 cm circular cross-section rather than 10 cm is used in loading tests. The plate is made of steel with a thickness of 2 cm. It is connected to the RAPs apparatus as shown in Figure 8. Displacements during the loading test are recorded with a resistive linear position meter (Figure 8) connected to a computer through a data acquisition system and vertical displacements are measured. All the load tests were conducted on the stone column installed at the centre of the clay bed prepared in the large test tank in Figure 8. The plan area of the tank is so selected that the loading on the stone column will not be affected by the tank boundaries. The stone columns were installed by the displacement method, and were extended down to the bottom of the tank. Hence all the stone columns were of length 0.7 m. A casing pipe having an outer diameter equal to the diameter of the stone column was used to install the stone columns. The casing pipe was pushed into the soil till the bottom of the tank along with a base plate in order to prevent the soil from entering into the casing pipe.
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Figure 8. Loading Tests Laboratory strength test, unconfined compression test and triaxial test results for clay after plate loading tests After the loading tests have been performed in the model test tank, the soils around the columns are removed in stages. An example profile for rammed aggregate pier (RAPs) and geotextile encased column (GECs) are given in Figure 9 and Figure 10. Bulging occurred in the RAPs test as can be seen in Figure 9. Following the removal of the soil, pocket penetrometer and hand vane tests are performed in four different locations of the tank at 90 cm, 70 cm, 50 cm and 30 cm depths, respectively. The averages of these tests results performed at four different depths and different areas of the tank are presented in Figure 11. Based on these results, an average 3-5% improvement can be seen in the undrained shear strength which is determined to be an average of 13 kPa in measurements on the tank surface on the soil which underwent no improvement. In addition, since soil consolidation was not completed, it was found that there was a decrease with depth in undrained shear strength.



Figure 9. Profile of the RAP after loading test
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Figure 10. Profile of the GEC after loading test After the loading tests have been performed on the model tank, three axial tests and unconfined compression tests are also performed on clays which are taken with 5 cm diameter and 10 cm length tubes from 20 cm distance the columns. The material parameters obtained from these experiments are given in Table 5 ( 27 ). 0
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Figure 11. Pocket penetrometer and hand vane test results



Table 5. Soil Parameters from Triaxial and Unconfined Compression Tests
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Cu(kPa)



c′ (kPa)



(°)



13



-



-



15 -



0



19 12.3



' (°)



Eu (kPa)



E' (kPa)



-



680



612



37



27



875 16000



787 14400



-



-



-



-



-



-



-



-



-



According to the experiment results summarised above, an increase of up to 3% is observed in the cu values when the results of unconfined compression experiment, UU experiment, pocket penetrometer, vane test and many other tests are examined. An increase of up to 20% is observed in the Eu and E' values obtained from the results of three-axis (UU, CU) experiments on the improved ground and unimproved ground samples. Eu values are obtained from the curves of the three-axis experiment results. E' values are obtained by using the values obtained from the experiment results in the following formula:



E   Eu



2(1   ) 3



(1)



RESULTS



In this study, load tests were conducted on a stone column (SCs), a geosynthetic-encased stone column (GECs) and rammed aggregate pier (RAPs) to compare their relative performance directly. Loadsettlement behaviour for all experiments can be seen in Figure 12. Figure 12. Load test results for all experiments (Clay, SCs, GECs, RAPs) Also the bearing capacities of these columns were defined with theoretical predictions and compared with experimental results. Average undrained shear strength is defined using vane and pocket penetrometer test results and used as 13 kPa for all bearing capacity estimations. Pore water pressures are defined with transducer measurements in all column tests. The average pore water pressure value is defined as 10 kPa for the stone column test and 14 kPa for the geotextile encased stone column test. An example test result for pore pressure transducer measurements (for a geotextile encased stone column) is given in Figure 13. In the tests, pore pressure water measurements are taken during the installing of columns in clay and loading tests.



Figure 13. An example test result for pore pressure transducer measurements (for geotextile encased stone column) Many researchers have developed theoretical solutions for estimating bearing capacity and the settlement of reinforced foundations by stone columns (1,11,17). The maximum load that can be
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians applied on the SCs treated clay bed was obtained by using the method given in IS:15284 Indian Standard IS 2003 (14. The maximum pressure on SCs, i.e. limiting axial stress v on the stone column, is given by Equation 2 (12; 14):  v  ( r 0  4cu ) Kp col (2) In the above, ro is the initial effective radial stress computed at an average depth of twice the diameter of the column. Kpcol =tan2 45+g/2, (3) where g is the angle of internal friction of the stone aggregate. The limiting axial stress on the column was estimated by assuming a Ko of 1.0 for the soft soil and using the properties of the soft clay and the aggregate reported by Murugesan and Rajagopal 22. The limiting vertical stress is estimated as 385 kPa for 100 mm diameter stone column (SCs). The maximum vertical pressure measured in the laboratory test is 400, which closely matches the estimated limiting stress. A simple analytical model based on hoop tension theory in a thin cylindrical container subjected to internal pressure was used to predict the vertical pressure on the GECs (27, 5). It is reported that the vertical stress on the GECs can be calculated using the relation  v  ( r 0  4cu   ) Kp col (4) The geofabric material enveloping the stone column provides resistance to lateral pressure that is superior to the soil alone. This fabric, when stretched, exerts additional pressure on the column that contributes to its reinforcement. This pressure () can be estimated based on the maximum tensile strength (a) of the geofabric material. The equation can be written:



 v  (



 at ) r0



(5)



where r0 is the initial radius of the column, and t is the thickness of the geofabric material. The experimental result from ESC was also compared with the predictions by Eq. 4 of Ayadat and Hanna by considering a value of  equal to 0.17 which corresponds to modulus of stone column 40 000 kPa 5. The limiting vertical stress estimated is 486 kPa for 100 mm diameter stone column (GECs). The maximum vertical pressure measured in the laboratory test is 520 kPa, which closely matches the estimated limiting stress. Numerous methods have been developed to estimate the bearing capacity of spread footings on aggregate piers. The bases for these methods have ranged from classical plasticity theory 11, cylindrical cavity expansion 2, analytical methods 6 and empirical (e.g. 22, 6 and 7). The potential for shearing below the bottom of individual Geopier elements neglecting the weight of the pier material, the total load applied to the tops of Geopier elements (Q top,g) is resisted by both the shaft friction (Qshaft) and end-bearing of the Geopier tip (Q tip,g) 32, Qtop, g  (Qshaft  Qtip , g ) (6) which can be rewritten in terms of stress as:



qult Ag  ( f s Ashaft  qtip Ag ) (7) where qult is the ultimate stress applied at the top of the Geopier element, Ag is the cross-sectional area of the Geopier element, fs is the average unit friction along the Geopier shaft, Ashaft is the area of the Geopier shaft, and q tip is the stress resisted at the tip of the Geopier element. Rearranging Eq. 7, the ultimate top-of-Geopier stress may be expressed as:



qult  ( f s



Ashaft Ag



 qtip Ag )  4 f s



d shaft H shaft d2



 qtip



(8) where d shaft is the diameter of the Geopier shaft, d is the nominal diameter of the Geopier element, and Hshaft is the length of the Geopier shaft. The parameters d shaft and d are described separately because the effective radius of the Geopier shaft is estimated to be approximately 3 inches greater than the nominal shaft.
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qtip  (cN c ) (9) Experience with driven and bored piles indicates that Nc in undrained clay is approximately 9. Equation 8 then becomes:



qult  (4c



d shaft H shaft d2



 9c )



(10) The experimental result from the rammed aggregate pier (RAPs) was also compared with the predictions by Eq. 10. The nominal diameter is used as 7.5 cm shorter than the diameter of the stone pile. As the model used in this study is one-third of the one in the field, the nominal diameter value is considered to be 16.5 cm. The limiting vertical stress estimated is 691 kPa for 100 mm diameter rammed aggregate pier (RAPs). The maximum vertical pressure measured in the laboratory test is 720, which closely matches the estimated limiting stress. For undrained conditions, the bearing support offered by the clay soil in contact with the loading plate was obtained as 19:



qu  ( c N c ) (11) The bearing capacity factor Nc was conservatively taken as 5.14. All the load test experimental results and theoretical predictions for bearing capacity values are given in Table 6 and Figure 14. Also pore water pressure values obtained from tests (using pore pressure transducers) are given in Table 6. It can be seen in that the limiting vertical stress estimated by theoretical predictions is closely matched with the experimental results (Figure 14 and Table 6). Pore pressures which are defined from experimental tests are used for finding effective stresses for clay near the columns and used for the theoretical predictions for the bearing capacity of the stone column (SCs) and the geotextile encased stone column (GECs) results. 800
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Figure 14. Comparison of bearing capacity values from experimental results, theoretical predictions



DISCUSSION In this study, a rammed aggregate pier apparatus is developed to conduct model testing within a controlled laboratory environment and different types of columns are constructed. The results of the
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians testing programme give some important insights into the performance of different types of column technique. The trends obtained in these laboratory tests are in good agreement with the results reported in the literature. Based on loading tests performed on soils which underwent and did not undergo improvement and tests performed to determine the change of undrained shear strength with depth, the following conclusions are reached: 1.



When the displacements which occurred in the classical stone column ground as a result of the Experimental bearing capacity results (kPa)



Theoretical predictions (kPa)



Pore Water Pressure (kPa)



axial loading experiment are evaluated, it is determined that the ground displaces more than twice compared to geotextile-covered stone columns (GECs) and (RAPs) when the maximum load capacity of the stone column machine reaches 40 kN (Figure 9). In the case of smaller loadings, it is observed that the displacement in the ground where the column is not applied is three times bigger than the ground where the column is applied. 2. According to the pocket penetrometer and hand vane tests performed on samples of soil which underwent and did not undergo improvement, undrained shear strength (cu) increased by 3-5% as a result of column construction (Table 3). 3. The volume increase occurring during the construction of rammed aggregate piers also increased the lateral earth pressure coefficient. Experimental observations showed that these layers, which consisted of four “bulbs”, varied between 1.5 and 2 times the initial nominal column diameter. 4. Limiting vertical stresses estimated by theoretical predictions are closely matched with the experimental results for all column techniques (Figure 14,Table 6).
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Table 6. Bearing capacity values from experimental results, theoretical predictions and for unstabilized clay, SCs, GECs and RAPs
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Abstract In the present work the cracks propagation in limestones rock was examined in both dry and wet conditions, chemical and organic limestone were used in this study. The chemical limestone collected from Baathra and Al-Warshan site and the organic limestone collected from Baghdad street site. Rock specimens were tested using uniaxial compression test. The stress level at which the micro and macro cracks propagation start was found, the area and density of the cracks with loading for different stress levels was also determined. The experimental results showed that the stress level of the micro and macro crack propagation, the density , the area of the macro crack and the unstable crack propagation at failure was found in the dry state more than the wet state for the three rock types. The results showed also that the time of crack formation from their initiation to the failure in the dry state less than the wet state, the more time was found for Baghdad street rock then Al-Warshan site rock and Baathra rock site.
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Introduction The subject of the rocks cracking and their failure was studied intensively since the sixteenth of the last century. The process of the cracks propagation can be understood by conducting experimental tests on natural rock formations exposed to different forms of stresses during the geological ages. These tests could be carried out on rock specimens with specific dimensions (Tang and Hudson 2010). The rocky clusters contain cracks both in macro and micro aspects. There is a strong correlation between the rock failure at one hand and the generation and propagation of cracks at the other hand. The propagation of these cracks inside the rock masses consider one of the natural phenomena which mostly result from different forms of stresses coming from tectonic earth motion, seismic and volcanic actions, collapsing of the deep excavation… etc. Again, the man-made, as the rock blasting during the mining works, could be contribute in fracturing and cracking the rocks in the field. Accordingly, the rocks could reach to the failure limits and occasionally some of the engineering hazards could be occur. Great importance had been paid in order to study the mechanism that lead to formation and propagation of cracks within the rocks, and finally to make the resulted problems under control (Li M. et al., 2004). The subject concerning the formation and propagation of cracks inside the rocks were studied by (Li Y. et al, 2004; Kranz, 1979; Wu and Thomsen 1975; Yang et al, 2009). The presence of cracks within the rocks have direct relation with their properties and their behavior in many engineering applications such as the tunnels excavation, mining works, pier bridges…etc. The appearance of cracks represent the first step for starting the failure that significantly affect the stability of the rocky cluster and consequently the safety of the building constructed on it. This paper aims to experimentally study the mechanism that lead to damage the rock during the propagation of cracks in compression. Three types of chemical and organic limestones, commonly used in the northern part of Iraq, were considered in this study under two tests, dry and wet, conditions. Material and methods Limestones The limestone is the main sedimentary rocks widespread in Iraq. These rocks generally consist of calcite and dolomite minerals with relatively few quantities of quartz and clay minerals (Saleh, 2003). In this study two types, organic and chemical, sedimentary limestones were considered in an attempt to compare their behavior in terms of the applied stresses at which the cracks begin to propagate and to estimate the intensity of these cracks with respect to the progress of both time and stresses. Three quarries near to Mosul city were selected; Baathra, Al-Warshan and Baghdad Street. The limestones obtained from the first two quarries were chemical sedimentary rocks, while the organic sedimentary rock was taken from Baghdad street. Digital camera Two digital cameras, type Sony with accuracy 14.1 Mega Pixels, were used in this study in order to monitor the cracks propagation during the test. Strain meter The Japanese strain meter type S238C was used in order to measure the dilation of samples during the test. This device with an accuracy of 10-6 m/m.



Sample preparing The cylindrical samples were extracted from the large block by using the core drilling machine type Maruto Japan 1981, during the coring process, great attention have been paid to make the direction of the coring perpendicular to the bedding plane of the block rock masses. Accordingly, the obtained cylindrical samples were about 55 mm. in diameter and of 110 mm. in height. These dimensions were chosen to satisfy the required height to diameter ratio as 2:1 according to the standard procedure proposed by (ASTM D 2938-95 and ASTM D 2664-95a). The prepared samples were then tested in the uniaxial compression test. The prepared samples were tested both in dry and wet conditions. In the dry condition the samples were oven dried for 24 h at 105 ºC. Meanwhile, the samples in wet condition were achieved by immersing the dried samples (after extraction from the oven) into the water at room temperature for further 24 h in order to absorb the largest possible amount of water. Then the absorption percentage was calculated and found equal to 95%.
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Methodology This research includes studying both the growth and propagation of cracks in two types of rocks (organic and chemical limestones). The observation of cracks propagation was achieved during the uniaxial compression test . During the test evolution of the cracks propagation under compression state were monitored and recorded. For each limestone type, four samples were tested per each test condition. The experimental program followed in this study is summarized as shown below: - Identifying the index properties of the studied rocks which include: porosity (n%), dry density (ρd) and skeletal density (ρs). - Monitoring the cracks propagation while the load is applied in the uniaxial compression test. This procedure was done in order to identify the stress level where the cracks begin to propagate. To achieve this purpose, two cameras were installed around the sample. During the test, several shots were taken and at same time the stress level, applied on the samples, were recorded by using another camera. This procedure make it possible to determine the level of loading for each pair of images by photographing the digital display in front of the machine used in the test. After the test, the gathered photos were treated by the help of the programme "Adobe PhotoShop 7" in an attempt to identify both the micro and macro, cracks propagated during the test. Then the area of these cracks at different level of the applied loads were calculated using the programme "Motic Image Plus 2.0 ML". The most important step in this procedure is to calibrate the dimensions of the tested sample, presented in the photos, to be matched with the real dimensions of the sample. - Estimating the speed and the intensity of the propagation in cracks at different levels of the applied load. - Plotting the relationship between the cracks area and the rate of crack propagation with the levels of the applied loads. Also, the cracks area were correlated to the time of the test. Results and discussion Index properties Table (1) shows the index properties for the three rock types included in this study (Baathra, Baghdad Street and Al-Warshan). Uniaxial compression test The classic results of the uniaxial compression test (Compressive strength ,Elastic modulus, E and Poisson’s ratio, ν) for the three studied rocks both in dry and wet condition are listed in Table (2). In this test the progress of cracks growth at different levels of the applied load was monitored. The analysis includes the stress level where the cracks begin to propagate. Also, both the area and the intensity of the cracks at first stage of loading and at failure were evaluated. Four sample were tested and the average result for each test condition is considered. The details of these results are presented in table (3). It is clearly to find that the results of three rock samples were identical. In fact, the stress level at the beginning of cracks propagation were found always the higher in dry condition than the wet condition. The same can be found concerning the area of cracks at the first stages of cracks propagation. Thus the three rocks demonstrate the same behavior. This can be attributed to the effect of water on the internal structure of the rock. In the case of water-filling cracks, this leads to produce tension force on the walls of these cracks and consequently the stresses will concentrated at the edge of the cracks. This in turn leads to reduce the resistance of the sample and finally to the failure case. Again, for the three rock samples, the recorded times from the beginning of cracks propagation till the failure were found less in the dry condition compared with wet condition.
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Table (1) The index properties of the studied rocks; (ρd) dry density, (ρs) skeletal density, and (n%) porosity.



Rock type



ρd (g/cm3)



ρs (g/cm3)



n (%)



Baathra



1.926



2.70



28.67



Baghdad Street



1.899



2.69



29.35



Al-Warshan



1.745



2.66



34.37



Rock strength and cracks propagation Table (5 ) Details of the cpmpressive strength( Rock type



Test condition



) ,Elastic Modulus (E), Poissons ratio( )



(



)



(MPa)



E (MPa)



( )



Dry



28.35



14857.4



0.38



Wet



16.36



5065.6



0.4 2



Dry



18.88



13577.6



0.22



Wet



8.04



8503.14



0.328



Dry



14.63



13544.95



0.35



Wet



8.15



7215.5



0.4



Baathra



Baghdad Street Al-Warshan
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Table (3) Details of crack propagation during the uniaxial compression test for the three studied rocks; (σb) stress level at the beginning of cracks propagation, (Ab) area of cracks at the beginning of cracks propagation, (Af) area of cracks at failure, (Ib) intensity of cracks at the beginning of cracks propagation, (If) intensity of cracks at failure. Rock Test σb Ab Af Ib If type condition (%) (mm2) (mm2) (mm2/ mm2) (mm2/ mm2) Baathra



Dry Wet



96.12 93.35



14 9.9



193.0 287.0



0.00073 0.00052



0.01 0.015



Baghdad Street



Dry Wet



93.79 89.9



13.0 10.0



131.0 160.0



0.00068 0.00052



0.0069 0.0084



AlWarshan



Dry Wet



93.0 90.0



21.4 4.0



142.0 165.0



0.0011 0.0002



0.0074 0.0086



The reason for the variation in the stress levels, at the beginning of crack propagation, for the three rock types is belonged to the variety in their properties. For example, the bonds between the grain particles is the highest in case of Baathra than the other rock samples and this give more strength to the tested sample. Also, the concentration of stresses at the edge of cracks will increase the resistance of both Baghdad Street rock and Al-Warshan rock. However, for these two rock samples, the cracks appears at low stress levels compared with Baathra rock sample. The results in Table (3) reveal that the cracks areas at the beginning stages of their formation ranged between (13-21.4 mm2) for the dry samples. The smaller areas are belonged to the samples in wet condition (4-10 mm2). This happen because the sample in dry condition being more brittle than the wet samples. But these observations are not similar to the case when the load is applied till the failure. At failure the results indicate the largest areas for the wet samples were ranged between (160-287 mm2) compared with the areas of the dry samples (131-193 mm2). In fact, the wet samples suffer to more dilation and deformation. Thus at failure, the cracks are more propagated rather than one main path for the cracks in dry samples leads to breaking. For the three studied rocks, the relationship between the cracks area and the stress level, as a percentage of the ultimate strength of the tested sample, are presented in Figure (1). The data in Figure (2) show the propagation of the cracks area with time for the three studied rocks. The times that took place from beginning the cracks up to the failure were different for each rock type even for dry and wet samples. These times were found as (9, 14, and 16 sec) belonged to dry samples and (16, 19, and 22 sec) belonged to wet samples for Baathra, Baghdad Street, and Al-Warshan rock, respectively. Concerning the rate of cracks propagation with increasing the applied loads, this rate was relatively slow at the first stages of the cracks propagation. Then the rate increased suddenly especially at the high level of the applied loads and just before the failure, see Figure (3). The results analysis revealed that the stress levels that the cracks begin to propagate with unstable state are quite similar for all the studied rocks both in dry and in wet conditions, see Table (4). As it can be seen in Figure (3-a), the rate of cracks propagation increased rapidly at stress level of 99.3% (see the large change in the slope). However, the point at which the slope start to decrease, it represent the first stage of cracks propagation, the cracks in unstable state. The rate of cracks propagation increased from 17.9 mm2/sec at stress level of 99.3% to reach 28.0 mm2/sec at failure. The rates of cracks propagation for dry sample were found 28.0, 14.6, and 16.6 mm2/sec) and these rates in case of wet samples were found (34.7, 17.1, and 28.2 mm2/sec) for the sample of Baathra, Baghdad Street and Al-Warshan rock, respectively. Concerning the rate of cracks propagation with increasing the applied loads, this rate was relatively slow at the first stages of the cracks propagation. Then the rate increased suddenly especially at the high level of the applied loads and just before the failure, see Figure (3). The results analysis revealed
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a



b



c



Figure (1) The relationship between cracks area and the stress level both in dry and wet conditions. (a) Badhira, (b) Baghdad Street, (c) Alorchan.
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a



b



c



Figure (2) The propagation of the cracks area with time both in dry and wet conditions. (a) Baahira, (b) Baghdad Street, (c) Al-warshan.
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Figure (3) the relationship between the rate of cracks propagation and stress level. (a) Baathra-dry, (b) Baathra-wet, (c) Baghdad Street-dry, (d) Baghdad Street-wet, (e) Al-warshan -dry, (f) Al-warshan -wet.
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Table (4) Details of cracks propagation in unstable state for the three studied rocks both in dry and wet condition. (σunst.) Stress level that the cracks propagate in unstable state, (Rb) rate of cracks propagation in unstable state at the beginning of the propagation, (Rf) rate of cracks propagation in unstable state at failure. σunst. Rb Rf Rock type Test condition (%) (mm2/sec) (mm2/sec)



















Baathra



Dry Wet



99.3 98.8



17.9 23.5



28.0 34.7



Baghdad Street



Dry Wet



98.4 97.1



9.0 6.0



14.6 17.1



Al-Warshan



Dry Wet



99.0 98.3



9.2 7.1



16.6 28.2



Conclusion The cracks propagation for three rock types, commonly used in the north part of Iraq, during the uniaxial compression tests were studied. The main findings can be summarized as follow: The stress levels those the cracks began to propagate were the higher for the samples in dry condition than in wet condition for all studied rock types. These higher stresses were for Baathra, Baghdad Street and Al-Warshan, respectively. The stress levels those the unstable cracks begin to propagate were the higher for the samples in the dry condition than in wet condition for all types of rocks. The order of these stress levels, for the samples both in dry and in wet condition, are for Al-Warshan, Baathra, and Baghdad Street, respectively. In all rock types the cracks area, intensity of cracks and the rate of the unstable cracks propagation at failure were the lower for the samples in dry condition compared with the samples in wet condition. The order of these variables, for the samples both in dry and in wet condition, are for Baathra, Al-Warshan, and Baghdad Street, respectively. The times that took place from the beginning of the cracks propagation up to failure were the shorter for the dry samples than the wet samples. For the samples both in dry and in wet condition, the longer times were for Baghdad Street, Al-Warshan, and Baathra rock, respectively.



Reference Tang, C. and Hudson, A. (2010), "Rock Failure Mechanisms", CRC Press, Balkema, China. Li, M., Feng, X. and Hui Zhou (2004), "Cellular Automata Simulation of the Interaction Mechanism of Two Cracks in Rock Under Uniaxial Compression", Int. J. Rock Mech. Min. Sci. 41(3). Kranz, R. L. (1979), "Crack Growth and Development During Creep of Barre Granite", Int. J. Rock Mech. Min. Sci. &Geomech. Abstr. Vol. 16, pp. 23-35. Li, Y.P., Chen, L.Z. and Wang, Y.H., (2004), "Experimental Research on Pre-cracked Marble Under Compression", Int. J. of Solids and Structures, No. 42. November,: 2505-2516. Wu, F. T. and Thomsen, L. (1975), "Microfracturing and Deformation of Westerly Granite Under Creep Condition ", Int. J. Rock Mech. Min. Sci. &Geomech. Abstr. Vol. 12, pp. 167-173. Yang, S.Q., Dai, Y.H., Han, L.J. and Jin, Z.Q., (2009), "Experimental study on Mechanical Behavior of Brittle Marble Samples Containing different flaws under uniaxial compression", Eng. Fract. Mech., No. 76. April :1833-1845. Saleh,Z . M. ,"Effect of Sulphuric Acid on some of Carbonic Rock Properties" Msc. Thesis, Mosul University, Civil Engineering Department. ASTM D2938-95, "Standard Test Method for Unconfined Compressive Strength of Intact Rock Core Specimens", American Society for Testing and Material. ASTM D2664-95a, "Standard Test Method for Triaxial Compressive Strength ofUndrained Rock Core Specimens Without Pore Pressure Measurement ", American Society for Testing and Material.
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PARAMETRIC ANALYSIS OF SITE RESPONSE FOR A REGION IN BALIKESIR CITY CENTER



Banu Yağcı [email protected] Balıkesir University, Department of Civil Engineering, Balikesir, TURKEY



Abstract An idealization of the soil-rock system at the site and design earthquake records with representative acceleration time histories are factors affecting site response analysis. In the geotechnical modeling phase, insufficient database may require trial of the different approaches. Even if the detailed database, reviewed model results may vary due to differences in soil behavior models as a result of different criteria in the synthesis of data. In this study, based on nine soil profile modeled as separate in the each borehole point during the previous studies for Akıncılar in the city center in Balikesir, one representative soil model which is common to all drilling was created. Due to the presence of clay-siltsand soil layer that is difficult to differentiate in the region, this study aimed to evaluate the results of different approaches in modeling phase. The region's seismic hazard analyses were based on probabilistic approach. Hazard compatible acceleration time histories were compiled from the PEER Ground Motion Database web application. In the study, two set of ground motion records were used. First set of strong ground motion acceleration time series were selected as representative of design ground motions. The second sets of records were obtained by scaling procedure for peak ground acceleration. Site response analyses were conducted by SHAKE 91 based on 1D equivalent linear procedure. In the region, soil response during the depth were examined in terms of maximum acceleration under the effects different earthquake compatible with the design earthquake and in which the depth of the soil layer was found to be more effective for maximum acceleration value. Additionally, behavior of the representative soil model was compared with the alternative representative soil models. Key words: Balikesir, Design Response Spectra, Maximum Acceleration, Scaled Records, Site Response
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INTRODUCTION The most important problem in geotechnical earthquake engineering is assessment of soil behavior during and after the earthquake. Soil settlements, combinations and layers result in different behavior. One of the major problems encountered in this area, the lack of sufficient depth of boring in the site of interest and enough knowledge about materials found in a deep, unfortunately, cannot be found [1]. Geotechnical modeling of soil profile requires an approach integrating the results of the field and laboratory test based on different methods. Different criteria in the data synthesis and different analyzes of measurements might cause changes in site response analysis. As a result, even if the detailed database, reviewed the results of the model may change. There are studies emphasizing this topic in the literature [2, 3]. On the other hand, geotechnical modeling stage may require trials of different approaches due to insufficient database [1, 4, 5]. This study aimed to evaluate the results of different approaches in modeling phase. GEOTECHNICAL MODEL Nine boreholes in Akıncılar are located in an area of 500 m * 300 m. These drillings, 6 of them at a depth of 15 m, 2 of them at a depth of 30 m and 1 of them at a depth of 42m. Soil profile for each borehole was conducted in the previous studies (Figure 1)[6]. Descriptions of soils in the profiles are shown in Table 1.



In this study, one representative soil model which is common to all drilling was modeled (Figure 2). The engineering bedrock (Vs=700 m/s) was taken to be at a depth of 70 m. And after 30 m depth, a
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Also, due to the presence of clay-silt-sand soil layer that is difficult to differentiate in the region and to limited data after the first 15 m of depth, different representative soil models were conducted. In the first model, soil layer were determined as silt (M) after a depth of 15 m as a result of evaluation based on the other nine soil profile. In the other representative models, soil layer after a depth of 15 m were changed and it is assumed respectively sand (S) clay (C1) and clay (C2).



GROUND MOTION DATA Ground motion records were selected as compatible with the regional earthquake hazard for Balıkesir. Design earthquake previously determined for Balıkesir were based on probabilistic analyses; an earthquake magnitude of 7.5 and an epicentre distance of 40 km for a return period of 475 years that corresponds approximately to a 10 % probability of exceedance in 50 years. Peak ground acceleration on the bedrock was calculated as 0.26 g corresponding to the exceedance probabilities of 10 %, as adopted in determining the design earthquake magnitude and distance [7]. PEER Ground Motion Database web application [8] was used to select specific time history records representing possible earthquake hazard. The seismological criteria by which these rock time histories were selected are as follows. Selected recordings must have been triggered by an event with a magnitude within ± 0.5 of the target (M=7-8). For specific cases, records are selected within 10 km range of the expected source distance to the site (Rjb=30 km-50 km). Time histories were sought that had a PGA within a factor of three of the target PGA on rock (PGA= 0.086 g – 0.78 g). Time histories were selected from sites underlain by geologic rock or with a thin (< 20 m) layer of soil overlying rock. The site condition corresponds to soft, weathered rock – rock having an average shear wave velocity that has been estimated as Vs30 ≥ 500 m/s [9]. Fault types were selected strike slip and normal. Records that meet these criteria are shown in Table 2.
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SITE RESPONSE ANALYSIS The analyses were carried out using SHAKE 91 [10]. The program uses an equivalent-linear, total stress analysis procedure to compute the response of a one-dimensional, horizontally layered viscoelastic system subjected to vertically propagating shear waves. First stage, the selected time histories were used as input for ground response analyses. Five selected records were applied as outcrop motion where the engineering bedrock (Vs=700 m/s) was taken to be at a depth of 70 m. For each soil profile and representative soil profile (A-tpM) modeled based on this profile, results of site response analysis in terms of the average response spectrum are shown in Figure 3. On the left side of the figure, if the variation of the average response spectrums for each soil profile compared with that for representative soil profile (A-tpM), it can be seen that spectral accelerations of representative model is the lowest. On the right side of the figure, if the comparison is made in terms of the mean response spectra calculated for nine response spectra of soil profiles, it can be said that response spectra are very close but still the response spectra of representative model is the lower.



Second stage, the selected time histories were scaled to 0.26 g calculated as peak ground acceleration on the bedrock based on Balıkesir design earthquake. The scaled time histories were used as input. Results in terms of the average response response spectrum are shown in Figure 4. Despite the fact that the results of analysis conducted with scaled records are similar to previous results (Figure 3), response variability for soil profiles is more and consequently the difference between the response spectra of representative soil model (A-tpM) and the mean response spectra is greater (Figure 4).
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Results of site response analysis for alternative representative models for the investigated region are shown in Figure 5. In the geotechnical model represented by tpS, soil layer between 15 m and 70 m was assumed as sand (S). Similarly in the other representative models (tpC1 and tpC2), it has been considered that soil layer after a depth of 15 m may change. The results show that the response spectra of representative soil model (tpM) determined for the investigated region has remained at a lower level according to the response spectra of the alternative representative soil models (tpS, tpC1, tpC2).



In the region, soil responses during the depth were examined in terms of maximum acceleration under the effects different earthquake records. Results of analysis performed with scaled records are shown in Figure 6. Behavior of the representative soil model (tpM) can be compared with that of alternative representative soil models (tpS, tpC1, tpC2) from the Figure 6. In terms of maximum acceleration on the ground surface, the values of tpM model are lower than that of alternative models. The scatter of maximum acceleration on the ground surface for different time history records is approximately the same for all soil models. For most of the input records in the each soil model, although the maximum acceleration values from the bedrock to 30 m depth not show much change, there have been differences in the upper 30 m. It can be said that the most effective depth for maximum acceleration value is the first 20. The values of maximum acceleration on the ground surface were obtained for model that modeled as clay (C2) between 15 m and 70 m.
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RESULTS In this study, a parametric study was conducted for an idealization of the soil-rock system at the region of Akıncılar in the city center in Balıkesir. Results were presented in terms of response spectra and maximum acceleration. In the geotechnical modeling stage, different representative soil models were created due to insufficient database.In spite of the soil stratification is the same in the upper 15 m for all models, response variability have been observed because of that the deeper soil layers are different. REFERENCES [1] Unutmaz, B., Çokar, T., Siyahi, B. (2012). “ Parametric Site Response Analysis for GYTE Gebze Cayırova Campüs”. 14. National Congress of ZMTM. Suleyman Demirel University, Isparta. Pp:871 [2] Pitilakis, K., Raptakis, D., Lontzetidis, K., Tika-Vassilikou, Th. & Jongmans, D. (1999). “Geotechnical and Geophysical Description of Euro-Seistest, Using Field, Laboratory Tests, and Moderate Strong Motion Recordings”. Journal of Earthquake Engineering. 3/3. p.381. [3] Raptakis, D., Chavez-Garcia, F.J., Makra, K. & Pitilakis, K. (2000). “Site Effects at Euroseistest-I. Determination of The Valley Structure and Confrontation of Observations with 1D Analysis”. Soil Dynamics and Earthquake Engineering, 19, p.1. [4] Khaled, A., Jun, K., Ryoji, I., (1996). “Estimation of Uncertainties in The Dynamic Response of Urban Soils in Japon”. Eleventh World Conference on Earthquake Engineering. p.736 [5] Destegül, U., (2004). “Sensitivity Analysis of Soil Site Response Modelling in Seismic Microzonation for Latitpur, Nepal”. Thesis of Master of Science, International Institute for GeoInformation Science and Earth Observation. The Netherlands [6] Yagci, B. (2007). “Selection of Real Records for Scaling in Site Response Analyses”. New Zealand Society for Earthquake Engineering Conference. Convention Centre, Palmerston North, New Zealand. pp:44. [7] Ansal, A. (2001). Evaluation of geological and geotechnical studies carried out for Bahçelievler, Hasan Basri Çantay, Plevne and 18-02 district in the city of Balikesir in terms of geotechnical earthquake engineering, Investigation Report of Improving Foundation of ITU [8] PEER Ground Motion Data Base Web Application, http://peer.berkeley.edu [9] Tönük, G. (2009). “Factors Affecting Site Response Analysis”. PhD. Thesis, Graduate Program in Earthquake Engineering, Boğaziçi University Kandilli Observatory and Earthquake Research Institute [10] Idriss, I. M., Sun, J.I. (1992). SHAKE 91-A Computer Program for Conducting Equivalent Linear Seismic Response Analyses of Horizontally Layered Soil Deposits
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ABSTRACT Ground-borne vibrations induced by construction activities, road or rail traffic and machinery sources can have significant effects on nearby structures in urban areas. Trench barriers are commonly preferred by engineers so as to reduce those vibrations. In this study, the screening effectiveness of the open trench barriers is investigated by performing site experiments. First, a detailed site investigation was carried out in the selected area for gathering geotechnical information. Second, a series of field tests were conducted for evaluating the vibration isolation performance of open trench barriers under impact loading. Consequently, based upon the results of experiments, effects of the location and depth of the trench on the screening efficiency of open trench are examined. Keywords: Active isolation, passive isolation, screening, trench, vibration isolation, wave barrier
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INTRODUCTION Ground-borne vibrations induced by construction activities, road or rail traffic and machinery sources can have significant effects on nearby structures. Effects of those vibrations depend on many parameters such as frequency and amplitude of vibration, dynamic properties of soil medium and location of the source and isolator. There are two types of vibration isolation systems depending on the location of vibration source, namely active isolation system and passive isolation system. Active isolation systems are installed near the source to reduce the vibrations generated by source whereas passive isolation systems are placed at a close distance to the isolated structure or far away from the vibration source to protect the structure against vibrations. In order to reduce adverse effects of those vibrations, various isolation systems including open or in-filled trenches and sheet piles can be used as wave barriers. In this study, the screening effectiveness of the open trench wave barriers is investigated for both active and passive cases by site experiments. Vibration sources produce both P-waves (compressional waves) and S-waves (shear waves) in all directions. The big part of vibration energy is transmitted by the surface waves [1]. Surface waves propagate in the form of Rayleigh waves near the surface and are generated away from the vibration source by the combination P-waves and S-waves. Hence, passive isolation system is designed by considering the Rayleigh waves. However, the design of active isolation system is dominated by Pwaves and S-waves due to its closeness to vibration source [2]. The performance of wave barriers is influenced by several factors including characteristics of waves and soil medium. The key feature of a wave is the wavelength. The wavelength is directly related with the operating frequency of vibration source and the dynamic properties of the ground. Besides, screening effectiveness of wave barriers is predicated on reflection, scattering and diffraction of waves [3]. Thus, geometrical properties of the trench should be well examined. Site experiments conducted by Woods [4],and numerical analysis performed by Al Hussaini [5] showed that the width of trench has a negligible effect on the vibration isolation performance. They concluded that the major influence on screening effectiveness of wave barrier is the depth of trench. Barkan [6] and Dolling [7] carried outside experiments to investigate the effects of some design parameters such as trench depth and location in open and filled trenches. Woods [4] indicated that the ratio of trench depth to Rayleigh wave length has a significant effect vibration isolation performance. Based upon the experimental data given by Dolling [8], Haupt [9] recommended that ratio of trench depth to Rayleigh wave length should be at least 0.8. Baker [10] performed site experiments with bentonite-filled and concrete-filled trenches, then, compared the results with empirical equations suggested by Al-Hussaini [11] to be used for vibration isolation in design stage. Besides experimental studies, a large number of numerical modeling techniques were used to investigate the effect of vibration isolation performance of wave barriers. Most commonly preferred methods among researchers are finite element and boundary element methods. Beskos et al. [12] used boundary element method for investigating the effects of open and filled trenches in homogenous and layered medium. Ahmad and Al-Hussaini [5] performed an extensive parametric analysis by using 2-D boundary element method, and suggested a simplified methodology for the design of trench type wave barriers. They showed that the numerical results were in reasonable agreement with that of Haupt [13] and Wood [4]. Furthermore, Yang and Hung [14] applied finite element analyses in order to investigate the efficiency of wave barriers and found that isolation performance is heavily dependent on the wavelength. Andersen and Nielsen [15] and Alzawi [2] studied the efficiency of wave barriers by using finite element method. Results of those studies indicate that the vibration isolation efficiency is mostly affected by the depth and location of the trench. This study aims to investigate the vibration isolation performance of trench type wave barriers under impact loading. For this purpose, a series of full scale experiments are conducted in the field. Results of the tests are evaluated by examining the effects of the depth and location of trench on screening efficiency of wave barriers. MATERIALS AND METHOD
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Site Investigation and Material Properties The site, located near the town of Bayır (Muğla, Turkey) was selected due its feasible conditions for vibration tests. A detailed site investigation was carried out at the site in order to specify physical and dynamic properties of the site. Physical properties were determined through geotechnical survey by drilling five boreholes having depths varying from 10 m to 30 m. The boreholes show that the subsoil is relatively uniform, consisting of approximately 6 m of clayey sand (SC), underlain by 24 m clay with low and high plasticity (CL,CH). Standard penetration tests (SPT) were conducted for each 1.5 m interval depths and numbers of SPT blows (N60) were obtained. Physical properties of the soil and average N60 values of stratified soil are presented in Figure 1. The water table was observed 5 m below the ground surface.



Figure 1: Soil profile Multichannel Analysis of Surface Waves (MASW) test was performed in both x and y directions so as to determine the average P and S wave velocities of the top 30m subsurface profile. The average S wave velocity profile is given in Figure 2. Furthermore, microtremor test was conducted and predominant period of the site was found as 0.32 s.



Figure 2: Average S-wave velocity profile



Field Test Procedure
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Ground-borne vibrations attenuate with distance depending on the frequency and damping levels. In order to determine the attenuation characteristics of the ground vibrations and acceleration levels, hammer impact tests were performed at the site (Figure 3). There were totally six accelerometers placed on the ground in an array. One of them was placed 1 m away from the source and the remaining accelerometers were positioned at a regular interval of 4 m. Vibration measurements were used to construct distance-dependent attenuation relationships for horizontal and vertical components of peak ground acceleration amplitude.



Figure 3: Acceleration sensors location on site for attenuation test Screening efficiency of open-trench type wave barriers was investigated for both active (Figure 4) and passive vibration control systems (Figure 5). Impact hammer was used as a vibration source and vibration measurements were recorded in the horizontal and vertical directions. Besides, two different cases were studied during vibration tests, namely no trench and open trench conditions. The trench has a width of 0.8 m, a length of about 6.0 m and a depth of approximately 4.5 m as shown in Figure 6. The depth is specified considering the groundwater level and stability conditions.



Figure 4: Acceleration sensors location for active isolation
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Figure 5: Acceleration sensors location for passive isolation



Trench



(a) (b) Figure 6: Open trench wave barrier a) General view b) Closer view



RESULTS Ground-borne vibrations generated by impact loading were measured to determine attenuation characteristics of the site. Acceleration values measured in both horizontal and vertical directions, are normalized with the values obtained from accelerometer #1 and the results are shown in Figure 7. Since the vibrations decrease exponentially with the distance, normalized accelerations are given in logarithmic scale in the y-axis of the graph. As a result, the approximate distance-dependent power equations are obtained for both horizontal and vertical direction as given in Figure 7. Field tests conducted for the cases of active and passive vibration isolation systems were repeated for both no-trench and open trench conditions. Accelerations were again measured in vertical and horizontal directions and normalized values for active and passive cases are given in Figure 8 and Figure 9, respectively.
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Figure 7: Attenuation



(a) (b) Figure 8: Active isolation a) Horizontal direction b) Vertical direction



(a) (b) Figure 9: Passive isolation a) Horizontal direction b) Vertical direction Acceleration values obtained from no-trench case were compared with the results obtained from opentrench case. The results were interpreted in terms of amplitude reduction ratio; here the reduction ratio was defined as the ratio between the measured acceleration amplitudes with and without wave trench barriers. Reduction ratio values are presented with respect to distance from vibration source in Table 1
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Table 1: Reduction ratio values for passive and active isolation



Direction



Horizontal



Vertical



3



Distance to Source (m) Active Passive Isolation Isolation 3.3 6.8



Reduction Ratio (%) Active Passive Isolation Isolation 90.6 33.0



4



7.3



10.8



57.1



57.8



5



11.3



14.8



65.4



42.0



6



15.3



18.8



1.0



65.6



3



3.3



6.8



70.2



35.6



4



7.3



10.8



22.3



67.9



5



11.3



14.8



39.6



36.7



6



15.3



18.8



56.4



45.8



Sensor No
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ABSTRACT The extensive literature on the bearing capacity of shallow foundations is focused mainly on footings that are strip, circular or rectangular in shape. Even for these “regular” shapes, the bearing capacity is modified from the theoretical value that is based on a strip footing by a shape factor, which itself has a wide range of recommended values. However, not many studies that deal with footings with unusual shapes are available. Thus, an experimental study supplemented by 3-D finite element analyses was conducted to examine the bearing capacity of hollow square, U and L-shaped model footings. Emphasis was given to load-settlement behavior and a detailed comparison of bearing capacity values at a displacement equal to 10% of the footing width, i.e., 40 mm, was made. Finite element analysis results were used to observe the difference in stress concentrations under the footings at the ultimate load level. Also, the predictive capability of four most popular bearing capacity calculation methods was investigated. The results indicate that a significant bearing capacity difference can be realized among footings depending on the shape of the foundation, as well as the size and location of the hole. Consequently, recommendations were given on the optimizing of the location of a hole within a mat foundation, in case it is required to have one. It was determined that all of the settlement estimation methods over predict the bearing capacity at 40 mm settlement, however Brich-Hansen method is the most accurate one. Key Words: Irregularly Shaped Footing, Bearing Capacity, Sand, Settlement
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INTRODUCTION The bearing capacity and settlement profile of foundations are important parameters that effect the serviceability and performance of buildings. Foundations are essential elements that allow the transmission of loads from the superstructure to the supporting geo-material. Most of the time, the design of foundations are based on settlement criteria instead of the bearing capacity limitations. The deformation pattern of the foundations will in turn influence the deformations, stresses, and even the damage distribution within the structure. Thus, the design of foundations is based on the target of minimizing the differential settlements for preventing damage to superstructure. However, in some cases, foundations with very irregular geometries have to be constructed, due mainly to architectural concerns. Therefore, it is crucial to investigate the settlement pattern and bearing capacity of foundations with irregular shapes under superstructure loads. The bearing capacity of foundations has always been a subject of major interest in soil mechanics and foundation engineering. There is extensive literature dealing with this topic, from both the theoretical and experimental standpoints. A list of principal contributions to this subject can be found in Vesic (1975), Chen & McCarron (1991) and Tani & Craig (1995) [1-3]. Most of the design methods for estimating bearing capacity are based on the original studies of a strip punch done by Prandtl (1921) and Reissner (1924), modified to accommodate the conditions not included in the Prandtl-Reissner solution, such as load inclination, footing shape, etc. [4, 5]. Like these studies, the bearing capacity equation is one tool that geotechnical engineers employ routinely. It is used to estimate the limit unit load (referred to also as the limit unit bearing capacity or limit unit base resistance) that will cause a footing to undergo classical bearing capacity failure [6-9]. The bearing capacity equations developed in the studies discussed above, considered strip, square, rectangular or circular footings. Within those studies, the effect of variations such as the diameter of circular footings and the length to width ratio of rectangular foundations on the settlement profile and bearing capacity have been examined [10]. On the other hand, no study that deals with hollow square, L-shaped, and U-shaped footings is available to the knowledge of the authors. Thus, a research program that involves both the experimental and analytical investigation of this topic was planned. For this purpose, first, laboratory model tests that involve axial compressive loading of footings with various shapes on sand were conducted. A comparison of the bearing capacity and settlement profile of a 400 mm wide square footing with those of five irregularly-shaped foundations was done to comment on the effect of footing shape on the behavior under compressive loading. First, the influence of square voids of 100x100 mm and 200x200 mm size within a 400 mm wide square footing was assessed. Then, the behavior of U and L-shaped footings was investigated. Finally, the results of model load tests were compared with those that were obtained analytically, to examine the applicability of 3-D finite element modeling for the design of footings with irregular shapes. Experimental Study Test specimens and materials Within the context of the experimental study, load tests on six model footings were conducted. Properties of test specimens and their geometrical properties are given in Table 1 and Figure 1, respectively. The main variable in the loading tests is the geometry of the model footings. To examine the influence of foundation shape on the bearing capacity and settlement profile, a 400 mm wide model footing was selected as the reference test specimen. Afterwards, axial load tests on five other footings with various and unusual shapes were conducted to obtain load-settlement relations. Table 1. Properties of Test Specimens Specimen No Definition 1 Square foundation 2 Square foundation with big hole 3 Square foundation with small hole 4 Big L shaped foundation 5 U shaped foundation 6 Small L shaped foundation
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Figure 1. Geometry of Test Specimens All test specimens were produced from 15 mm thick high strength steel to ensure their rigidity with reference to soil. The faces of the model footings that are in contact with soil were artificially roughened. Note that all footings were surficial. The sand in the tests with a USCS classification of SW was characterized through its specific gravity, maximum and minimum density, and grain size distribution. These values are presented in Table 2. Direct shear tests that were performed on sand samples with a relative density (Dr) of 55% resulted in an effective stress friction angle of 39o. Note that the normal stresses used to determine this friction angle ranged from 95 to 500 kPa. Table 2. Index Properties of Sand min max Gs (Mg/m3) (Mg/m3) 2.71 1.55 1.82
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Test setup The experimental model tests were conducted in a 5 mm thick steel test box, having inside dimensions of 2.00 m x 2.00 m in plan and 1.00 m in depth, with a concrete base. The loading system was mounted on two horizontal 140x140x4 mm NPU steel profiles supported by two steel columns. It consists of a hand-operated hydraulic jack with 300 kN capacity and 225 kN capacity pre-calibrated load ring. The sand was hand compacted in 0.05 m lifts with a steel tamper to 1.68 Mg /m3 (Dr = 55%). For each test, a fresh test bed of sand was prepared. The settlement of the footings was measured using four LVDT (linear variable differential transformer) displacement transducers located at four corners. These four deformation measurements enabled to estimate the settlement profile of footings. A photograph taken after the preparation of a test setup and just before the test conduct is given in Figure 2.



83



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Loading Frame



Hydraulic Jack Load Cell



LVDT



Granular Soil Footing Specimen



Figure 2. Photo of Test Setup Before Testing EXPERIMENTAL RESULTS Table 3 presents the experimental results that consist of maximum applied axial load, bearing capacity, settlement profile that corresponds to the maximum load, and the average value of settlement for each specimen. The loads that were applied for 40 mm settlement and the corresponding values of stress are also given in Table 3. As expected, the maximum axial load for settlement to reach 40 mm was measured in the reference Specimen 1, which has the largest cross-sectional area. The specimen that has the smallest cross sectional area, Specimen 6, has shown the worst performance in terms of bearing capacity and reached a settlement of 40 mm at a significantly lower value of axial load compared to the other specimens. Note that Specimen 1, the square shaped model foundation, performed 1.83 times better than Specimen 6, the small L-shaped one. Table 3. Experimental Results Bearing Settlement Profile at Maximum Maximum Capacity* Load (mm)** Spec. Axial Load/Stress No Load Right Right Left Left (kN / kPA) (kN) Front Back Front Back 1 20.05 18.77 /117.31 47.22 54.04 48.21 59.42 2 15.06 13.58 / 113.17 32.23 36.94 39.08 43.22 3 17.99 17.29 / 115.27 46.63 35.47 48.93 40.90 4 13.05 12.99 / 108.25 ----51.21 48.87 57.76 5 13.42 13.42 / 111.83 35.90 25.81 35.38 26.17 6 11.36 10.24 / 105.03 -----60.23 53.83 59.48 * The axial load at 40 mm settlement (10% B) ** Settlement measurement locations are shown in Figure 1. *** Average settlements are calculated at maximum axial load level



Average *** Settlement (mm) 52.23 37.87 42.98 52.61 30.80 57.85



When the bearing capacity of same shaped footings with different void space areas are considered, it was observed that the square foundation with small hole, Specimen 3, had a 27% larger bearing capacity than that of the square specimen with big hole, i.e., Specimen 2. This difference is 26% when the bearing capacity of L shaped foundations with large and small cross sectional areas, i.e., Specimens 4 and 6, are compared. The load-average settlement relationships for all of the tested specimens are shown in Figure 3. As expected, as the void area of the specimens got bigger, their bearing capacity values in terms of load were reduced. Specimen 1, the specimen with the largest cross sectional area achieved the largest bearing capacity, whereas, the smallest bearing capacity was measured for Lshaped Specimen 6, which has the smallest area. The largest value of differential settlements was measured in U shaped Specimen 5. The difference between the maximum and the minimum settlements measured under Specimen 5 was 35%. The
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Analytical Study In this study, the experimental bearing capacity was defined as the stress that resulted in a settlement, which is equal to the 10% of the foundation width. The loads that are used in the stress calculations are those that were measured at a settlement of 40 mm. For simplicity, the equivalent width (B) for irregular foundation shapes was assumed to be equal to the square root of cross sectional areas. The bearing capacity for each test specimen was calculated using the equations proposed by Terzaghi (1943) [6], Meyerhof (1951, 1963) [7, 8], Hansen (1970) [9], and Vesic (1975) [1]. The results are presented in Table 4. This enabled a comparison of analytical and experimentally measured values of bearing capacity values. A general overview of this comparison indicate that, the use of Hansen (1970) method resulted in the highest conformity with the experimental results. Table 4. Comparison of Calculated and Measured Bearing Capacity Values Spec. No
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209.06 291.76 104.97 145.06 *Experimental (measured) bearing capacities of specimens
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Finite element model In the analytical modeling phase of this study, Plaxis 3D Foundation software, which is capable of simulating soil behavior using constitutive models such as linear-elastic, Mohr-Coulomb, and Hardening Soil, was used. For sands, utilization of Hardening Soil model is known to produce more realistic results, especially in terms of strain distributions. Some examples of the stress distributions obtained from the finite element analyses are shown in Figure 4. Analytical results obtained from finite element analyses and experimental values of axial loads and settlements are tabulated in Table 5. The maximum difference between the calculated and measured settlement values is obtained for Specimen 6 as 16%, whereas the minimum difference is determined to be 1% for Specimen 4. For loads, the maximum difference between the calculated and measured values is obtained as 38% for Specimen 4, and the highest conformity was realized in Specimen 1. Note that the agreement between measured and analytically calculated values is relatively higher for settlements than axial loads. In general, especially when the ultimate values are considered, the 3-D finite element models were successful in estimating the settlement behavior of irregularly shaped footings under axial loads.
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A Specimen-6 Figure 4. Examples of Stress Distribution for Specimens Table 5. Comparison of Analytical and Experimental Settlement & Axial Load Values Settlement (mm) Axial Load (kN) Spec. No Analytical Experimental Ratio* Analytical Experimental 1 48.83 52.23 0.93 20.00 20.05 2 41.15 37.87 1.09 18.00 15.06 3 43.63 42.98 1.02 19.89 17.99 4 53.14 52.61 1.01 18.00 13.05 5 34.39 30.80 1.12 15.00 13.42 6 48.37 57.85 0.84 10.28 11.36 *Ratio of analytical values to experimental ones



Ratio* 1.00 1.20 1.11 1.38 1.12 0.90



CONCLUSIONS In this study, laboratory model tests supplemented by finite element analyses were conducted to investigate the bearing capacity and settlement profile of footings with unusual shapes on sands under axial loads. The main variable was selected as the geometry of the footings. Six model footings with variations in shape and size, was tested under axial loads that were applied at their centers of gravity. The effect of footing shape on the bearing capacity, stress distribution and settlement profile was examined. Then, the experimental values were compared with those that were calculated using 3-D finite element analyses. The results of experimental studies indicate that the highest bearing capacity in terms of load was achieved by the reference square test specimen, i.e., Specimen 1. The bearing capacity of Specimen 1 is 12% higher than that obtained by L-shaped Specimen 6, which has the smallest cross sectional area. After Specimen 1, the better bearing capacity performances were realized by specimens, in which the holes were located at the intersection of the axes of symmetry. Thus, it can be concluded that, if void space is required within a shallow foundation system, it would be preferable to construct it in the middle or at least, on one of the symmetry axes. As expected, the bearing capacity in terms of load decreased with increasing hole size. This assessment should be taken into account especially in the design of foundations on soils with low bearing capacity. An examination finite element analysis results indicate that, the location of the hole has a significant effect on the stress distributions. Stress concentrations were observed in Specimens 2, 3, 4, and 6, around the holes. This is an important finding that should be considered in the design. An investigation of settlement profiles points out that the most desirable performance, i.e. a more or less uniform settlement profile, was exhibited by the reference square Specimen 1. On the other hand, the most unsuccessful performance was observed in U-shaped Specimen 5 in terms of differential settlements. 13% difference in the settlement of inside and outside edges was determined for this specimen. The settlement profile, which showed a variation as a function of the distance to the hole, warrants a more detailed study on the settlements of foundations with these unusual shapes. The analytical calculation of bearing capacity and settlement profile of footings was achieved through the use of a 3-D finite element program. Due to the irregular shape of the footings, 2-D or axissymmetric analyses were considered not to be applicable. A comparison of analytical results obtained from finite element analyses and experimental values of axial loads and settlements illustrated that 3-D
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ABSTRACT In this study, using cyclic triaxial tests undrained conditions applicable to the sandy beaches of Anzali in critical state soil mechanics performed and studied.Samples with two methods of "underwater" and "compact" was created. NCLapproximatelocationbased ondata fromtheconsolidation ofcertainsoilwere obtainedforthe samesamples.The effect of development on the achievement of this line was evaluated for different samples. Inthedynamic loading, the effect ofloading rateonbendingmatchedsamples, methoddevelopmentandproductionBrrvndcyclicstress ratioof pore water pressureandsecantshear moduluschangeswere investigated. The results showsamplesmadeunderwatermethodcompared to the othersamplesinthisdynamicpore water pressurethanthey produce Also ifMonotonic does notdonesufficientcreepon theincreaseof pore water pressureis effective. Keywords:critical statesoil mechanics ,Cyclictriaxialtests , Undrained,Pore water ,Stiffness
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Introduction Determine the behavior of sand has long been considered by many researchers.Initially the sand behavior was examined from the perspective of classical soil mechanics.Concepts ofcritical statesoil mechanicswasfirstproposedby (casagrande, 1936)and thenwere developedbyother researchers, including (Wroth, Roscoe,&Schofild, 1968).Critical state soil mechanics behavior with respect to the composition of the sand void ratio and confining pressure on the sample space (p ln: ν) and set the NCL and CSL lines are studied.(Qadimi, 2005)withperiodictestson onetypeof sandinundrainedconditionsshowed that thecritical statesoil mechanicsframeworkfor describingandpredicting thedynamic behaviorcanbe used inthe sand.In the study, 15 triaxial tests were performed on samples of sand beaches Anzali. In general,the stepstakenonthe samplesincludingsample preparation, itssaturation, consolidation, creepisthedynamic loading. A total ofninetestsonlytoconsolidatetheprogress andotherdynamic loadingtestwas performedin6. Dynamic loadinginall samplesofsmokeddrainageconditionsby applyinga sinusoidalalternatingcyclesaroundzerodeviator stressandcyclicstress ratioof 0.2was implemented. Making samplesmethods Experimentsconducted by(Qadimi, 2005)showed that theconstruction methodsofcyclic loadingon the properties ofthe samplecan affectthe testresults. Therefore, itis necessarytoexamine theimpactof these techniques. Underwatersamplingmethod (Water pluviation) :In this method, the membrane being placed in the triaxial apparatus on a pedestal, half filled with water, then sand with a spoon, the spoon always on the sand, the water, is poured into the membrane.Sand deposited under its weight and this will continue until the full membrane. The resulting sample is generally weak. Dense sample making method (Compaction) : Thismethodofperformingthe samewaythe firstexcept that thegravelinsixtosevenlayerstwocentimeterscast into moldsand eachlayer withawooden sticksthatgentlyheightcmsurface layerunderwaterasitis releasedtobecompacted.A typical example of this approach is compact. NCL line Ifnormalconsolidationcurveinsemi-logspace(p ln: ν)isshown, and theendofthecurvetoastraight line, (NCL) according toequation (1) becomes: ν = N-pln  َ which : N : Fixed valuefortheaverageeffective stressinkPa, soil specific volumeis obtained. V : the volume of soil ( v =1+e ) P : average of effective stress  : constant factor NCLto determinetheconsolidationchart ofthe15experimentsas shown in(1) were determined. A total of13experimentswithwaterandthe otherwith2compactwas made. Curvatureofthecurvesobtained byconsolidatingthe position oftheendcapwasfoundto beNCLapproximately. The overallpattern ofchanges intheconsolidationcurvesof sampleswithsimilarfiguresreported byother researchersinothersands(includingCoop & Lee, 1993)is consistent. Figure 1shows anexample ofthefirstcaseto reachtheNCLlooseinspace(p ln: ν)is faster thanthe originalMtrakmndwithexamplesthatarebentandtheeffective stressis lessonNCLarrive. The samples are made using compressed air to reach the NCL line (p ln: ν) is almost more direct route traveled and the more effective stress to reach the need it.
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Figure 1: Diagramof consolidatingidenticaltothe samplesreachtheNCL.(Azizi, 1388) Experiments onDogs BaysandwithparametersNandasTable 1in comparison with theresults ofthe work(Coop & Lee, 1993)has providedonthissand.This study also compared the values to be added to this table.Considering NCL line in the sand Soaring slope greater than can be said Dogs Bay sand samples from the sand at low effective stress reaches the NCL line. Table 1: Specificationsforsandline equationofNCL ﭘﮋوھﺸﮕﺮ Sand Coop & Lee, (1993 Qadimi, (2005) Azizi (2008)
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Effects upon Making samples process of pore water pressure InFigure 2theeffectiveMaking samplesofpore water pressureduringdynamicloadingis investigated. Addthisgraphof porepressuregenerated ineach testintervaldivided bytheinitialeffectivestressisnormalinthe beginning of thetest then Dynamic loadingeffectat the beginning oftheeffective stressis removed. It is worth mentioningthat in order tofacilitatecomparison of changes inamountsAddPorespressurenormalizeddeviation from zeropassesin situations wherecyclicstress('q=0)are plotted. This figureshowsthat thesampleswithwater(loose) are madewithdensethansamples thathave been made, Inthisdynamicpore water pressureareproduced more.This means more speed samples is loose toward liquefaction.
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Figure 2:theeffectiveMaking samplesofpore water pressureduringdynamicloading The effect of loading rate oncreepmatchedsamplesofpore water pressure
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Uniformdensityaveragepressureloading rateshouldbeatleastabout 20kPatoapproximately 40kPaathigh pressureshours Becauseofthe highrate ofchange ofposition(NCL)and increasingvolumetricstrainat the end ofthecompression strokeis followed bytheresponseofthe sandaffectthiscycle. Alsofornon-uniform density ofthe sand, the lowerratemustbeloaded. Figure 3 shows theVolumetricstrainproduced afterthe end ofthe loadingphase(consolidation) of theidenticalshow.Asseeninthis figure,forexamplec4eandc4gandc11kwas loadedwitha high rateof volumeinthe early stages ofcreepstrainshaverapidlyincreased. Andaccordingto(4) we see that thecreepdoes not happenenoughin the sample(forexamplec4eandc4gandc11kin Figure(3) creepina very shortspace of timein comparison with othercaseson hold)overthisidenticalrateof pore water pressureincreasesmuch fasterthan the othersamplestestedatthesamestress ratio. totally we can conclude that If youcannotsampleloading ratein highstrainrateloading ratesconsistentwith, then start Monotonic loading and cyclic load that causes some strain. if the loadings speed is appropriate but after monotonic loading the sample don’t rest enough to do all of its strain and further more we have cyclic loading will make more strain which increases the pore water pressure.



fig (3): the effect of loading rate ( loading rates of each experiment is in a bracket in opposite side of the experiment name ) identical on the creep specimens. (Qadimi , 2005 )



fig (4) :Typical creep effect on the generation of pore water pressure in undrained cyclic triaxial tests. The effect ofcyclicstress ratioonpore water pressure



93



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians Cyclicstress ratiois definedbydifferent researchersin differentways. Here isthe cyclicstress ratio(* β)inequation (2) is defined as: (2) which :



qmax :Maximumdeviator stress



qi



* 



q max q max  q i  pi p i



:Initial deviation identical to zero stress tests for testing non-identical non-zero integer.



pi



:Averageinitial normaleffective stresson the sample Accordingto(5) it is clearthat with increasingstress ratiocycle(* β)produceda non-linear pore water pressureincreases.



fig (5) : The effect of stress ratio cycle (* β) production of pore water pressure . (Qadimi , 2005 )



Secantshear modulus(stiffness) Secant shear modulus ( Gsec ) is calculated by using the dynamic triaxial test data .Thismoduleis based onequation (3) andtheparameters ofring-shaped hysteresis inthe space(γ: τ)is obtained. (3)



Gsec 



  max   min    max   min



which :



Gsec



: Secantshear modulus(stiffness)
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 min :Theshear stressateach cycleof dynamicloading  max



: Themaximumshear strainineach cycledynamicloading



 min



:Theshear strainateach cycleof dynamicloading Figure (6) to calculate the secant shear modulus hysteresis cycle is depicted in the ring.



fig (6) : How to calculate the secant shear modulus (stiffness) of the hysteresis cycle loop.( Qadimi , 2005 )



Developmentandconsolidationofstresseffectsonstiffness changes Figure (7) shows thatbothwaterand densesamplingofthe hardnessvaluesincreaseddue tothe consolidation ofeffective stressincrease. Therange ofcyclesapplied to thespecimen, the hardnessvalues showrelativelystableat all. Thismeansa muchgreaterperiod asthe number of cyclesneededto loosen upanddeliversamplestothefailure. Changes inaverageeffective stressduringdynamic loadingof sampleshas shown thatthevariationof stiffnessvariationfollowsthesamepattern.[4] In order toeliminate the effect ofaverageeffective stresson thesampleduringdynamic testingchanges inhardness,hardnessdata(Fig.7) werenormalizedbydividingtheeffective stressat every moment. New results in Figure (8) is presented.
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fig (8) : Normalizedstiffnesschangesmadeforsampleswith two different methods, dense and underwater. (azizi , 1388 )
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Conclusion According to theexperimentsand studiesfollowing resultsare obtained: 1.Exampleshavetheprimary modetoloseNCLlineinthe space(p ln: ν)is faster thanthe originalsamplesthatare densewithfewerbendsarein effective stressNCLarrive. 2.Samples which made by using compressed Outdoor to reach the NCL line (p ln: ν) is almost more direct route traveled and the need to achieve a higher effective stress. 3.Samples withwater(loose) which madeto theexamples thatare madeinloadingwitha densedynamicpore water pressuretoproduce more. 4. Samplesmade withtwo methods ofunderwaterdense, dynamicstiffnessincreaseswith increasingeffective stressconsolidation. 5. If youcannotsampleloading ratein highstrainrateloading ratesconsistentwith, and thenstartMonotonicloadingandcyclic loadingwillcome backsomestrain. 6. if loadings speed is appropriate but after monotonic loading the sample don’t rest enough to do all of its strain and further more we have cyclic loading will make more strain which increases the pore water pressure . 7.with increasingstress ratiocycle(* β)produceda non-linear pore water pressureincreases. References 1- Coop, M.R. & Lee, I.K. (1993). The behaviour of granular soils at elevated stresses.C.P. Wroth Memorial Symposium.Predictive Soil Mechanics. Thomas Telford, London, 186-198. 2- Roscoe, K.H., Schofield, A.N. & Wroth, C.P. (1968).“On the yilding of soils”,Geotechnique, 53, N0. 1, 59-79. 3- Qadimi,A.(2005). “The cyclic response of a carbonate sand through critical state soil mechanics”, PhD thesis, Imperial College London. 4-Qadimi, A. &Coop, M.R. (2007). “The undrained cyclic behaviour of a carbonate sand”. Geotechnique, 57, N0. 9, 739-750
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Abstract Formation of the sedimentary soils of Adapazari, Turkey has been governed by the fluvial processes of the Sakarya river. The river had deposited all kinds of sediments during the recent geological times, so there are surprising horizontal and vertical variations of the facieses. Seismically induced soil liquefaction can be accepted as the leading cause of damage and loss in the city during 1999 earthquakes. Cases of liquefaction appear to have concentrated in backswamp areas, where silts and sandy silts were deposited by crevasse splays. This paper attempts to present evaluation of liquefaction phenomena on worked examples in the city, by conducting cone penetration test (CPT) methods, such as Liquefaction Potential Index (LPI). The example profiles have been chosen from the extensive database, which contains more than 400 cone penetration test soundings and has been established in Adapazarı after the catastrophic 1999 earthquakes. The results show that cone penetration test is a strong tool to evaluate liquefaction phenomena in fluvial areas that show sudden and significant changes in both horizontal and vertical directions. Keywords: River sediments, Facies, Cone Penetration Test, Liquefaction
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Introduction The use of the cone penetration test for the evaluation of soil properties is an advanced approach because of its advantages, such as low cost, a time saving procedure, continuous recording, high accuracy and repeatability, automatic data logging and having no human effect. The CPT was developed as a mechanical penetrometer in the Netherlands, in the early 1930’s, to determine the capacity of piles in sands. Electrical cones were first developed around the early 1960’s, but became more common in the 1980’s, when pore pressure measurements were included (CPTu or PCPT). Today, it has been increasingly used in respect to improving technology to determine some other parameters (ie: chemical properties of water, electrical resistivity, pH, temperature) along with geotechnical properties of soils and detecting soil stratigraphy. The CPT involves pushing a 3.5 cm diameter cone, with an apex angle of 60°, through the underlying soil at a rate of 2 cm/sec, while simultaneously and continuously recording the tip resistance (qc), side friction (fs), pore pressure (u2) and inclination. A standard sized of cone has a 10 cm2 cross sectional area and the friction sleeve, located above the conical tip with the same diameter, has an area of 150 cm2. Although there are significantly improved interpretation methods for the cone penetration test (CPT) data, the standard penetration test (SPT) is still the most commonly used in situ testing in Turkey. The conventional approach of drilling a borehole and attempting to procure undisturbed samples often present difficulties due to sample disturbance. The standard penetration test, a long time favourite is still full of pitfalls in implementation and interpretation. So, this paper attempts to present evaluation of liquefaction phenomena on worked examples in Adapazarı; by using the CPT results. For this reason, analyses were conducted by CPT methods, such as LPI, in the places where liquefaction phenomena were both observed and not observed. Meandering River Facieses and Geomorphology of Adapazarı There are different subfacies in a meandering fluvial system like: channel lag deposits, levees, pointbar deposits, crevasse splays and floodplain or backswamp deposits. Each subfacies shows variation with its grain size and geotechnical properties. In a meandering fluvial system, the grain size decreases upwards. There are gravels or coarse grained sands at the bottom (channel lag deposits), then sands and fine sands exist above it (point bar deposits) and fine grained soils, like clays or silts (flood plain or backswamp deposits) are found at the top of an idealized meandering cross section. The idealised section can be corrupted by meandering migration or by crevasse splays that have fine sands and silts, which were deposited as a result flooding in wet seasons (Figure 1). The Sakarya river showed a meandering character until recent times because of the flat topography of the Akova plain [1].



Figure 1. General model for a meandering river [1] An investigation program was implemented in the city of Adapazari where boreholes and CPT soundings were performed after the catastrophic earthquake in 1999. More than 650 boreholes and 400 CPT soundings performed in the region have been used to establish a database, which is expected to reveal the distribution and nature of the sediments. The information coming from this huge database shows that the top 50 m of Adapazari soils consist of all types of subfacies that are typical in the
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians floodplains of large rivers, as mentioned above. This is because almost the whole city is founded on recent alluvial deposits of the Sakarya river, that flows northwards toward the Black Sea (Figure 2). The river deposited all kinds of sediments during the recent geological times, so there are surprising horizontal and vertical variations of the facies due to both past and present activity of rivers. Figure 2 shows the differences between the geomorphological structure of Adapazarı and CPT profiles from various formations. A borehole drilled at the centre of the city failed to reach rock at 200 m [2] and it was claimed that the depth of the alluvium here may be as great as 1000 m [3]. Averages of the tip resistances (qc) within the 1.0-5.0 m depths from soundings are shown in Figure 3a. The results of A-A' ve B-B' cross sections in Figure 3a are shown in Figure 3b. It is shown in Figure 3a and 3b that high SPTN blow counts and tip resistances are observed at the center of the city (Ataturk Boulevard) and on the west part of the city where Cark Stream enters. These high values correspond to dense sand and gravels, representing the abandoned old river beds. It is also clear in Figure 3a and 3b that in the areas corresponding to channel facies, both SPTN blow counts and cone tip resistances show noticeable increases.



3



1 2



Figure 2. Geomorphological features of Adapazarı and CPT profiles from various formations (modified from [4])
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Figure 3. Adapazari a) qc map b) results for sections through the lines A-A' and B-B' Liquefaction Analysis Using CPT Data The method to determine liquefaction potential with CPT data [5] is mainly based on the conventional cyclic strength method (CRR/CSR), which is limited to sands and known to give exaggerated results. In addition, the following studies showed that fine-grained soils, especially non-plastic (NP) silts, also liquefy. The liquefaction potential of fine grained soils are mostly evaluated by the criteria based on physical properties of soil such as: liquid limit, natural water content, clay content and grain size [4, 6]. In light of this information, the use of PCPT data is associated with physical properties of fine grained soils in the diagnosis of liquefaction. Cyclic Strength (CSR-CRR) Method Seed et al. (1985) developed a comprehensive methodology to estimate the potential for cyclic liquefaction due to earthquake loading [7]. The methodology requires an estimate of the cyclic stress ratio (CSR) profile caused by the design earthquake and the cyclic resistance ratio (CRR) of the ground. If the CSR is greater than the CRR, cyclic liquefaction can materialise. The CSR is usually estimated based on a probability of occurrence for a given earthquake. A sitespecific seismicity analysis can be carried out to determine the design CSR profile with depth. A simplified method to estimate CSR was also developed [8], based on the maximum ground surface acceleration (amax) at the site. The simplified approach can be summarized as follows:  a   CSR  av'  0.65  max   vo'  rd [1]  vo  g    vo  where av is the average cyclic shear stress; amax is the maximum horizontal acceleration at the ground surface; g = 9.81 m/s2 is the acceleration due to gravity; v0 and ’v0 are the total and effective vertical overburden stresses, respectively; and rd is a stress reduction factor, which is dependent on depth. The factor rd can be estimated using the following bilinear function, which provides a good fit to the average of the suggested range in rd [8]: if z  9.15m  rd  1.0  0.00765z [2] if z  9.15  23m  rd  1.174  0.0267 z where z is the depth in metres. These formulae are approximate at best and represent only average values since rd shows considerable variation with depth. Seed et al. (1985) also developed a method [7] to estimate the cyclic resistance ratio (CRR) for clean sand, with level ground conditions based on the Standard Penetration Test (SPT). Recently, the CPT has become more popular to estimate CRR, due to the continuous, reliable and repeatable nature of the data [9]. The resulting recommended CPT correlation for clean sand can be estimated using the following simplified equations [5]:
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  qc1N cs   93    0.08  1000 



[3] 3   qc1N cs  if  q c1N cs 1.64 The soil behavior index (Ic) can be calculated as follows [10]: Ic 



3.47  log Q 2  1.22  log F 2



[6]



where n



 q   vo   Pa  Q  qc1N   c [7]  '   Pa 2    vo  is the normalized CPT penetration resistance (dimensionless); n is typically equal to 1.0; F = [fs/(qc σvo)] x 100 is the normalized friction ratio (in percent); fs is the CPT sleeve friction stress; σvo and σ'vo are the total and effective overburden stresses, respectively; Pa is a reference pressure in the same units as σ'vo; and Pa2 is a reference pressure in the same units as qc and σvo. It was suggested to use n=1 at the beginning to calculate Q, F and Ic, then continue to calculate new Q, F, Ic and n using the equations below, iteratively, until n


if 1.64  I c  3.30  n   I c  1.64  0.3  0.5 The factor of safety against liquefaction is defined as [9]: CRR7.5 [9] FS  MSF CSR where MSF is the Magnitude Scaling Factor to convert the CRR7.5 for M = 7.5 to the equivalent CRR for the design earthquake. MSF is given by MSF = 174 / M2.56.



While the soil behavior index (Ic) [5] was indicated to have a significant role in determining the liquefiability of soils, it wasn’t given a significant distinction for fine grained soils. The value of Ic=2.6 distinguishes clays from sand and silty soils. Soils with higher Ic value are accepted as non liquefiable because their clay contents are high enough. Liquefaction Potential Index Method The concept of Liquefaction Potential Index (LPI) was developed to assess the liquefaction potential of soils [12]. The extent of liquefaction is a function of 1. The thickness of the stratum studied, 2. The proximity of the layer to the surface, 3. The zones where the factor of safety (FS) is smaller than unity. The factor of safety represents the ratio of the demand of the earthquake to the resistance offered. Due to the fact that the influence of liquefaction in layers deeper than 20 m is minor on the surface structures, the evaluation is limited to the top 20 m. 20 m
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians where z denotes the depth to the layer and w is the depth weighting factor with FS1 for F=1-FS [11] FS>1 for F=0 [12] w(z)=10-0.5z [13] One can estimate the liquefaction potential using Table 1. It was proposed that liquefaction damage appeared typically when LPI was greater than 5, after the 1989 Loma Prieta earthquake [13].



Table 1. Liquefaction severity as a function of Liquefaction Potential Index (LPI) Liquefaction Severity Little to none Minor Moderate LPI LPI=0 0


Major 15


Case Studies The general evaluation of the city, following the 1999 earthquake, has shown that the structural damage was minimal, in a limited section of the city, where the bedrock outcrops. The damage in the flat areas around the outcropping rock, covered by lacustrine clays of high and intermediate plasticity, was markedly low. However, ground failures in the form of liquefaction, loss of bearing capacity and soil softening have been amply observed in backswamp areas such as Yenigun and Tigcilar Districts, where silts and sandy silts were deposited by crevasse splays. Many buildings collapsed, sank, tilted, even toppled in these regions. So, seismically induced soil liquefaction can be accepted as the leading cause of damage and loss in the city. Properties of the soils in zones of liquefaction and non-liquefaction have been determined down to a reasonable depth by measuring the average size, clay content and liquidity index as well as cone penetration resistances and the porewater pressures to discover that there is a significant discrepancy among those profiles susceptible to liquefaction and non-liquefying deposits. Figure 4 illustrates the CPT based LPI analyses in 3 radically different CPT profiles in each subfacies zone, which could not have been detected by borings and SPT measurements in such detail. Liquefaction evaluation for each site was done as follows: First, the factor of safety against liquefaction was calculated for each 2 cm by using cyclic strength method (CRR/CSR) as given above. All soils above the ground water level were accepted as nonliquefiable. If FS ≥ 1.0, the 2 cm thick layer is accepted as nonliquefiable. For a given depth, if (qc1N)cs>160, FS is calculated greater than 1.0. If FS2.6, the soil is likely nonliquefiable. After determining liquefiable layers, LPI value for each site was calculated by adding LPI values of each liquefiable 2 cm thick layer. If there is also boring data, it may be used to get a final decision by using plasticity criteria, such as Adapazarı or Chinese Criteria. The first soil profile, named as 1 in Figure 2, is in Mithatpaşa District, where the earthquake damage was minor in 1999. It was stated that profiles with close proximity to this site represent a large river appears at depths 3-12 m [4]. It can easily be seen in Figure 4a that most of the Ic values at top 6 m are out of the range 1.7-2.6 and high point resistances resulted (qc1N)cs>160 from 4 m to 12 m in this site. So, these resulted a low value of LPI as 4.34 that soils are likely nonliquefiable. The finding was supported by the existence of dense SW and SP type deposits, in addition to the occasional gravel layers. The second profile is from a Yenigün District where widespread ground failure and liquefaction was recorded. Although site 2, in Figure 2, is at the place where dense sand layers also exist, the building on it also had moderate damage in the 1999 earthquake. It warrants attention that although LPI has a moderate value of 8.67, most of this value is contributed by top liquefiable soils (Figure 4b). So, the reason of the damage is the existence of soft and liquefiable soils at the top 5 m and choosing the depth of embedment was smaller than 1 m. In Figure 2, it can be seen that Site 3 is very close to river beds as in Site 2. It is very remarkable that most of the Ic values are between 1.7-2.6 and point resistances are low (Figure 4c). High LPI value indicates a major probability of liquefaction in this site. Additional boring data shows that non plastic silty soils, which were the main reason of soil based problems in 1999 earthquake, dominate the profile.
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(a)



(b)



(c)



Figure 4. Selected profiles for liquefaction evaluation
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Conclusion The liquefaction potential index (LPI) is an alternative approach to evaluating liquefaction, where the rapid piezocone test is used. Furthermore, the PCPT is able to detect and distinguish even the thinnest liquefiable and nonliquefiable layers precisely, which is usually difficult to achieve through rotary drilling. In this study, the results show that the CPT is a strong tool to evaluate liquefaction phenomena in fluvial areas, such as Adapazarı, which shows sudden and significant changes in both horizontal and vertical directions. It is concluded that even a moderate LPI value may be the reason for damage in earthquakes, if the liquefiable soils are mostly encountered in top layers. References [1] Bol, E. (2003). “ The geotechnical properties of Adapazari soils (in Turkish)”. Ph.D.Thesis, Sakarya University, pp. 195, Adapazari. [2] Sert, S., Önalp, A., Ural, N. (2008). “Characteristics of the soil profile in Adapazari (in Turkish)”. 12nd National Congress Soil Mech. & Found. Eng., Selçuk University,Konya. [3] Komazawa, M., Morikawa, H., Nakamura, K., Akamatsu, J., Nishimura, K., Sawada, S., Erken, A., Önalp, A. (2002). “Bedrock structure in Adapazari, Turkey-a possible cause of severe damage by the 1999 Kocaeli earthquake”. Soil Dynamics and Earthquake Engineering, 22(9–12), 829–836. [4] Bol, E., Önalp, A., Arel, E., Sert, S., Özocak, A. (2010). “Liquefaction of silts: the Adapazari Criteria”, Bulletin of Earthquake Engineering, 8(4), 859-873. [5] Robertson, P.K., Wride, C.E. (1998). “Evaluating cyclic liquefaction potential using the cone penetration test”, Canadian Geotechechnical Journal, 35(3), 442–459. [6] Wang, W. (1979). “Some findings in soil liquefaction”. Research Report, Water Conservancy and Hydroelectric Power Scientific Research Institute, Beijing, China. [7] Seed, H.B., Tokimatsu, K., Harder, L.F., Chung, R.M. (1985). “Influence of SPT procedures in soil liquefaction resistance evaluations”, Journal of Geotechnical Engineering, ASCE, 111(12), 1425-1440. [8] Seed, H.B., Idriss, I.M. (1971). “Simplified procedure for evaluation soil liquefaction potential”, Journal of the Soil Mechanics and Foundations Division, ASCE, 97(9), 1249-1273. [9] Youd, T.L., Idriss, I.M, Andrus, R.D., Arango, I., Castro, G., Christian, J.T., Dobry, R., Finn, W.D.L., Harder, L.F., Hynes, M.E., Ishihara, K., Koester, J.P., Liao, S.S.C., Marcuson, W.F., Martin, G.R., Mitchell, J.K., Moriwaki, Y., Power, M.S., Robertson, P.K., Seed, R.B., Stokoe, K.H. (2001). “Liquefaction resistance of soils: summary report from the 1996 NCEER and 1998 NCEER/NSF Workshops on evaluation of liquefaction resistance of soils”, Journal of Geotechnical and Geoenvironmental Engineering, 127(4), 297-313. [10] Robertson, P.K. (1990). “Soil Classification using the CPT”, Canadian Geotechnical Journal, 27(1)151-158. [11] Robertson, P.K. (2004). “Evaluating Soil Liquefaction and Post-earthquake deformations using the CPT”, University of Alberta, Department of Civil and Environmental Engineering, Edmonton, Canada. [12] Iwasaki, T., Tatsuoka, F., Tokia, K.-i., Yasuda, S. (1978). “A practical method for assessing soil liquefaction potential based on case studies at various sites in Japan”, Proc. 2nd Int. Conference on Microzonation (pp. 885-896), San Fancisco. [13] Toprak, S., Holzer, T.L. (2003). “Liquefaction potential index: field assessment”, J. of Geotechnical and Geoenvironmental Engineering, ASCE, 129(4), 315-322.



105



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



OPTIMUM DESIGN OF KIZIK DAM AND DISCUSSION OF DESIGN PRINCIPLES OF GEOMEMBRAN FACED DAMS



Murat KILIT1, Ugur Safak CAVUS2 1



Afyon Kocatepe University, Civil Engineering Department, Afyonkarahisar, TURKEY 2 Süleyman Demirel University, Civil Engineering Department, Isparta, TURKEY



ABSTRACT Kızık Dam is located on Sandıklı region in Afyonkarahisar, Turkey. The dam is also located between first and secon degree earthquake zones wherein first degree zone reprents the worst case. Kızık dam has a reservoir volume of 2070000 m3 at the normal water level. It has a 37 m height from the riverbed and 44.34 m height from the bedrock. It is desined as a gravelfill with a central clay core. Upstream and downstream slopes are 3 horizontal to 1 vertical and 2.5 horizontal 1 vertical respectively. Kızık dam is a irrigation purposed dam. Its spillway structure is located on the left abutment with 10000 year return flood discharged capacity of 9.97 m3/s. The derivation structure and bottom outlet is located on the right side with a diameter of 1 m. Since the clay and shell materials are almost 25 km far from the site, the dam was originally designed geomembrane faced type earthfill dam. However, because of the reasons explained in this paper, it iwas changed to the conventional (clay core zoned dam) one. In this study, optimum design of the Kızık dam in terms of slope stability safety under a maximum possible earthquake acceleration, economy, material conditions, geology and main dam layout properties as well as the dam spillway and bottom outlet layout conditions. In addition the best possible design in terms of safety and economy of the dam is provided. Moreover, some design principles of geomembrane faced earthfill dams which are recently considered in world dam engineering are discussed. Keywords: Dam, slope stability, optimum design, geomembrane faced earthfill dams
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Introduction Kızık Dam is located on Sandıklı province of the city of Afyonkarahisar in Turkey. It is underconstruction and an irrigation purposed dam. The dam is also located on a region wherein it is mostly probable to have a strong earthquake over 6.0 Magnitude. Rezervuar volume at the normal water level of the dam is 2070000 m3. The height of Kızık dam is 37 m from the riverbed and 44 m from the bedrock. Therefore, the alluvium thickness on the dam axis is almost 7 m deep. Since impervious clay core materials of the dam were located almost 25 km far from the site, the dam was originally designed as a geomembrane faced dam to save from transportation costs. However, since irrigation or energy purposed large geomembrane faced dams either constructed or designed with high storage capacities (more than 1000000 m3) are not so often available on the earth, instead, most of the constructed geomembrane faced type earthfill dams are actually small dams with low storage capacities (generally less than 500000m3) and also mostly located on the places far from the higly populated regions, then, the design of Kızık dam being a geomembrane faced type was left out and conventional earthfill dam with a clay core was chosen to apply in the design. In addition, new surveys were conducted to find impervious clay sources closer to the site. And some closer sources were also found. Spillway structure of the Kızık dam is located on the left abutment. Its discharge capacity is 9.97 m3/s for a 10000 years of return period. Derivation conduit as well as bottom outlet is a 1 m diameter steel pipe and located on the right abutment. Upstream and downstream slopes of Kızık dam are designed as 3 horizontal to 1 vertical and 2.5 horizontal to 1 vertical respectively. [1] In this study optimum outer slopes of the Kızık dam in terms of an earthquake case are studied considering both safety and economy. Thus, optimum design of the upstream and downstream slopes the dam are presented. If outer slopes are designed so much gentle, then the volume of dam and its foundation area increase which require larger foundation excavations and preparations as well as larger embankment zone material excavations and earthfills. Gentle slopes also cause longer and more costly spillway and derivation facilities. Therefore, designing slopes of dams as possible as steep to decrease costs are very important. So, this study provides optimum design of the outer slopes of the Kızık dam in terms of the dam’s safety and economy. In addition, some important design principles of geomembrane faced dams are given since this type of dams are not so common and popular in engineering of large dams. Material and Methods Geology of the site, Design and Material Characteristics of the Dam General layout of the kızık dam is given in Fig.1. Maximum crosssection of the dam is also seen in Fig.2. The embankment’s materials are sandyfill and clay core are obtained from the sources as much as close to the site. Embankment material properties used in slope stability analyses are given in Table 1. Originally designed upstream and downstream slopes are 3 horizontal to 1 vertical and 2.5 horizontal to 1 vertical respectively. Impervious clay core is located on the central part of the earthfill which is supported by sandyfill shell zones from both sides. The dam and its clay core are both located on the bedrock by completely excavating and removing the alluvium on the site. Bedrock is consist of andazit, aglomera and tufas. For the Maximum Credible Earthquake on the site, the horizontal earthquake coefficient used for the slope stability analyses of the dam is taken as 0.2g which is also generally taken into considerations for the 1st degree (the most risky) earthquake regions in Turkey for pseudo static slope stability analyses. [1]
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Fig.1. General Layout of Kızık Dam (State hydraulic Works, 2013)



Fig.2. The maximum Crosssection of Kızık Dam (State hydraulic Works, 2013)



Table 1. Material properties of the Kızık Embankment γmoist γsat c dry(kN/m2)



c sat(kN/m2)



θ



ru



Clayfill



18.3



20



15



60



0



0.4



sandyfill



16.5



17.6



0



0



38



0



Critical Slope Stability Cases for Embankment Dams and Safety Factors The most critical cases for upstream slopes of embankment dams are i) at the end of the construction ii) drawndown of the reservoirs. For downstream slope , the most critical cases are i)at the end of the construction ii) Full of reservoir. In Turkey, when a pseudo static earthquake slope stability analysis is
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians run, the safety factors for upstream embankment slopes are required to be minimum 1.2 for the end of construction case and 1.0 for the drawndown case. However, the safety factors for downstream embankment slopes are required to be minimum 1.2 for both the end of construction and full of reservoir cases. Slope Stability Analyses of the Kızık Dam To determine the design safety factors of the upstream and downstream slopes of the Kızık dam for the maximum horizontal seismic acceleration coefficient of 0.2g, we run slope stability analyses using the WinStabl program, adapted to windows platform by Peter J. Bosscher, from the original Purdue University STABL code developed by Ronald A. Siegel (1975). Calculated safety factors for the end of construction and drawndown cases of the upstream slope are 1.46 and 1.41 given in Fig. 3 and 4. Therefore, it is concluded that the upstream slope of the dam with 3H:1V is conservatively designed. This slope has quite high safety which means that the slope is so gentle. Since, in case of an earthquake, minimum required safety factors should be 1.0 and 1.2 respectively depending on the cases. So, the upstream slope of the dam is designed oversafe which surely increased the cost of the dam. The condition of the upstream slope of the Kızık dam, therefore, requires an optimum design. Calculated safety factors for the end of construction and full reservoir cases of the downstream slope are almost 1.2 given in Fig. 5 and 6. So, downstream slope is designed economically and safely. [2]



Fig.3. Minimum Safety Factors of the Upstream Slope of the Kızık Dam for End of Construction (Slope:3H:1V) [3]
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Fig.5. Minimum Safety Factors of the Downstream Slope of the Kızık Dam for End of Construction [3]



Fig.6. Minimum Safety Factors of the Downstream Slope of the Kızık Dam for Full Reservoir Case [3]



Results: Optimization of the Upstream Slope by Slope Stability Analyses Since downstream slope is both safe and economic as seen from Figs5 and 6, only upstream slope is optimized in terms of cost and safety. So, instead of designing a 3H:1V slope, the upstream slope is considered to be designed as 2.5H:1V. Then slope stability analyses are run. The safety factors are calculated as 1.35 for the end of construction and 1.23 for the drawndown cases (Figs 7 and 8). This
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Fig.7. Minimum Safety Factors of the Upstream Slope of the Kızık Dam for End of Construction Case (Slope: 2.5H:1V) [3]



Fig.8. Minimum Safety Factors of the Upstream Slope of the Kızık Dam for Drawndown Case (Slope: 2.5H:1V)



Fundemantal principles in the design of geomembrane faced dams i) Geomembrane faced dams should be prefeered under the circumstances that reservoir volume is less than 1000000 m3, there is no avaliable good quality and sufficient amount of clay core within economical dinstances and it is not possible other conventional well known dam types such as concrete faced or asphalt faced embankments. ii) If it is decided to construct a geomembrane type embankment dam, then the dam should be designed as such that the geomembrane is located on the upstream face of the dam instead of locating on within the dam as impervious core membrane. Upstream face type resist the rezervuar water pressure from the upstream which increases the rigidity and shear resistance of the sliding surfaces. If an impervious membrane is located on the core part of the dam, then the upstream side of the mebrane becomes saturated. However, since downstream side is dry then differential settlements of the embankment dam probably occurs which may cause a disturbance on the impervious membrane and thus may threat the safety of the dam. iii) Geomembrane has to be covered with geotextiles both in top and bottom parts iv) Valley abutment applications of the geomembrane has to be carefully done to prevent seepage of the reservoir water.
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ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians v) If the rock foundation is pervious and needs to make grouting, then toe slabs at the abutments has to be designed and geomembrane are extended and fixed to the toe slabs. Then, grouting has to be done on the toe slabs. vi) In cold regions, to prevent ice disturbances on the geomembrane, geomembrane shoul be covered with earthfill materials like a sandy- clay fill on the upstream side of the geomembrane Discussion In this study, safety of the outer slopes of the conventional type earthfill dam, Kızık Dam, are first checked by running circular type slope stability analyses. Then, optimum slopes are also determined in terms of safety and economy. The downstream slope is found sufficiently safe and economical. Therefore, it is not changed. However, since upstream slope is designed conservatively, this slope is designed steeper with a 2.5H:1 V slope. So, upstream slope become more economical. Thus, the other dam facilities such as spillway and derivation structures also become much more economical since their lengths is possible to be less. References [1] Kızık Dam Projects, (2013), State hydraulic Works, Isparta, Turkey [2] STABL, (1975), Ronald A. Siegel, Purdue University code [3] WinStabl software (1997), Peter J. Bosscher, University of Wisconsin, Madison, USA
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Abstract In these last decades, the in situ tests have known considerable progress caused by the technological development reported in this area, their earlier use were in the foundation design. These technical improvements have permitted more real knowledge of the soils characteristics and/or behavior in different depths. They became good tools for a geotechnical engineer. Recently, the use of driven piles is multiply around the world because of their important bearing capacity suitable in many projects, despite few disadvantage occurred during the installation like, the intense vibration, and noise levels. An attempt is done in this paper to formulate and calibrate a new method based on the N-value from SPT. In this study we distinguish between large displacement and low displacement pile behavior, which are briefly called driven pile. Data averaging, failure zone extension, and plunging failure of piles has been noticed in the proposed approach. A data base were collected and analyzed, including 90 full scale static pile load tests through a variety of grounds and stratigraphy around the world. The soil profiles range from soft to stiff clay, medium to dense sand, and mixtures of clay, silt, and sand. The pile embedment lengths range from 3 to 47 m and the pile diameters from 200 to 1000 mm. A performance analysis of the new SPT method is carried out with other prediction methods by using different criteria. The proposed method is suitable tool to practical design of large and low displacement piles, due to their consistent results. Keywords: Driven pile, SPT method, Soil profile, Failure zone
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Introduction Many civil projects, such as large highway bridges, harbors and oil extraction facilities, cannot rely merely on shallow foundations, for their stability. Therefore, pile foundations are used to back up the superstructures by transferring the load from the soft surface layers to the firmer layers deep underground. Creating pile foundations under loading is a complex problem that is not well understood yet. Precisely predicting a pile’s load-bearing capacity has always been a challenge for design engineers [1]. To estimate the load-bearing capacity of the piles, therefore, one or more of several pile loading tests (PLTs) and pile dynamic analysis (PDA) tests may be performed, depending on the importance of a project. Several methods and approaches have been developed to overcome the uncertainty in the prediction. The methods include some simplifying assumptions and/or empirical approaches regarding soil stratigraphy, soil-pile structure interaction, and distribution of soil resistance along the pile. Therefore, they do not provide truly quantitative values directly useful in foundation design [1]. Due to the high cost and the time required for conducting such tests, however, it is a common practice for engineers to estimate the load-bearing capacity of piles using in situ tests, such as the cone penetration test (CPT), standard penetration test (SPT), dilatometer test and pressuremeter test, and then to apply a reasonable safety factor value during the design process to achieve a stable foundation [2]. In literature, authors consider two pile types, driven and drilled shafts. Therefore, there are piles that show behavior intermediate between themes. These different methods were more suitable for driven piles (large displacement piles) rather than low displacement piles. A wide variety of pile types are currently available for use in geotechnical engineering practice. The response of these piles to loading varies greatly depending on the installation or construction methods employed. On one end of the pile-behavior spectrum are the nondisplacement piles (e.g., bored piles or drilled shafts) and on the order end are the full-displacement piles (e.g., closed-ended pipe pile or precast reinforced concrete piles). Full-displacement piles, on the other hand, are driven or jacked into the ground. During the installation of the full-displacement piles, significant changes in the void ratio and stress state of the in situ soil take place because the soil surrounding the pile shaft is displaced mainly in the lateral direction and soil below the base of the pile is preloaded. There are other types of piles (e.g., opened pipe piles) that show behavior intermediate between nondisplacement and full-displacement piles. These piles are often called partial-displacement piles. Fig.1 shows the classification of different piles based on the soil displacement achieved during their installation [3]. Increasing unit shaft or base resistance



Pile Types Non-displacement Drilled shafts



Small-or Partial-displacement H piles Open-ended



DD piles



Large-displacement Driven piles Jacked piles



Some auger piles DD: Drilled Displacement piles



Fig. 1. Categorization of piles based on soil displacement produced during installation [28]. The Standard Penetration Test, SPT, is still the most commonly used in-situ test. Pile capacity determination by SPT is one of the earliest applications of this test that includes two main approaches, direct and indirect methods. Direct methods apply N values with some modification factors. However, considerable uncertainty exists regarding filtering and averaging the data relating to pile resistance, failure
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zone around the pile base. Since pile capacity depends on the soil compressibility and the SPT is one of the most commonly used tests in practice for indicating in situ compressibility of soils; the SPT blow count/300 mm (Nspt) along the embedded length of the pile and within the failure zone are used as a measure of soil compressibility for the purpose of this study. In addition, as suggested by Liao and Whitman [4], for sand the value of Nspt is corrected for overburden pressure, as given below. This correction is not used for clays Ncorrect = Cn x Nspt Cn = √(95,76/ σ’v); where, CN is the adjustment for effective overburden pressure σ’v is the effective overburden pressure (kPa). This paper, therefore, explores and discusses the feasibility of formulating an mathematical model to improve the predictive ability of two pile type’s capacity model (large and low displacement piles) based on SPT data. This model is developed with their input parameters. Pile capacity from SPT data Two main approaches for application of SPT data to pile design have evolved: indirect and direct methods. Indirect methods employ soil parameters, such as friction angle estimated from the SPT data, the unit end bearing capacity of the pile (qp) and the unit skin friction of the pile (qs) can be evaluated from these strength parameters through formulas of semi empirical and theoretical methods. The indirect methods such as the strip-footing bearing capacity theory take no account of the horizontal stress, and neglect soil compressibility and strain softening. However, the authors consider that the indirect methods are not much suitable for use in engineering practice and thereby will not discuss them anymore this paper. Direct methods don't need to perform laboratory tests and calculate the intermediate values such as earth pressure coefficient and bearing capacity coefficient. These methods were described in detail of many research reports and the resume is given in Table1 Case records data base A database of case histories from the results of 90 full- scale pile loading tests is compiled with information on soil type and results of SPT soundings performed close to the pile locations. The cases were obtained from different sources reporting data from many sites in many countries (Table2). The soils at the sites are generally heterogeneous. The piles have a round cross section, the piles materials are concrete, and were classified respectively in two groups, large displacement and low displacement piles. The data are subdivided in two parts; the first one is to calibrate the proposed models, and are constituted of 70 % of data. The second is for models validation. SPT averaging system Natural soil deposits, particularly sands, produce blows number profiles with many peaks and troughs. The blows number variations reflect the variations of soil characteristics and strengths. Therefore, when determining pile toe resistance, which is a function of the soil conditions in a zone above and below the pile toe, an average must be determined that is representative for the zone. It is important to note that the pile diameter controls the extent of rupture surface below and above the pile toe. Therefore, the value must be a function of the pile diameter. Usually two methods of averaging, arithmetical and geometrical, are used to find the mean value of a series of numerals. As a result, using the geometrical average method to obtain the logical representative of N values seems to be more accurate and relevant [1]. It should be noticed that the SPT values used for the geometric average should be at a constant spacing. The arithmetic average is only useful where the SPT values are uniform, i.e. in homogeneous soils. The geometric average of the blows number over an influence zone that depends on the soil layering, which reduces, removes potentially disproportionate influences of odd peaks and troughs, which the simple arithmetic average used by the SPT methods does not do. Therefore, a filtering effect can be achieved directly by calculating the geometric average of the Nspt values, which is defined as: Navr= n√(N1xN2xN3x…..Nn); n: data number.
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Consider the following series of 12 values: 5,5,2,5,25,5,6,3,6,6,30 and 6. The arithmetic and geometric averages are, respectively, 8,5 and 5,7. We conclude that the geometric average is closer to the dominant values, as opposed to the arithmetic average. Thus by taking the geometric average in a zone at the vicinity of the pile toe, a filtered representative value is obtained [1]. In order to obtain the unit base resistance of piles from standard penetration test results, the failure zone and failure mechanism should be specified around the base of the pile.



Table 1. Current SPT direct methods for prediction of pile bearing capacity [5]



SPT N values and failure zone extension Since pile capacity depends on the soil compressibility and the SPT is one of most commonly used tests in practices for indicating the in situ compressibility of soils ; the SPT blows count 300 mm (NSPT) are used for the purpose of this study. In most cases, the value of N presents a relatively wide range of variations due to the heterogeneity of soil layers. In order to obtain proper unit shaft and base resistances (the ultimate or total load is the addition of these two components), it is very important to consider the variations of soil resistance properties by presenting an average value for N. Since unit shaft and base resistances are related to the average value of N, this value should be a pertinent representative.
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Table 2. Description of the used database Authors



[6] [7] [8] [9] [10] [11] [12] [13] [14] [15]



Pile types Large displacement Large displacement Large displacement Large displacement Large displacement Low displacement Low displacement Low displacement Large displacement Large displacement



Pile Number



Nb and Nshaft



43 2 1 2 2



Are corrected with the formulate suggested by Liao and Whitman for sandy soils



12 4 6 6 4



In order to obtain the unit shaft resistance of piles from the SPT results, we take the geometrical average of N along the embedded length NShaft. To account more accurately for the variability of soil properties at the pile base or the unit base resistance from the SPT results, the failure zone should be specified around the pile base. This zone is taken in accordance with the proposal adopted by the UWA method (University of Western Australia) [16] (Fig .2).



B



D



Influence zone



ZONE A ZONE B



Figure 2. Influence zone for averaging blows number near the pile base
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Table 3 gives the failure zone dimensions, which are noted Zone A and zone B or their corresponding blows number NA, NB. For more representation of the tip failure zone, we suggest to take the N value at the pile base NTip. Table 3. Proposal used for influence zones for end bearing Influence zone UWA method Zone A



8B



Zone B



(0,7 - 4) B



To simplify the problem, we take an average blows number for presenting failure zone extension, noted Nb, which is the geometric average of the blows number over the influence zone i.e., over NA, NB and NTip. Formulation of the proposed method



-



-



Model inputs and outputs Four factors affecting the capacity of piles are presented as potential model input variables. These include the embedment length (D), two corrected blows numbers (NShaft, Nb), pile diameter (B) and tow concrete pile types (low and large displacement). It should be noted that the following conditions are applied to the input and output variables used in this model: The ultimate or total pile capacity (Qt) is taken to be at the plunging failure for the well defined failure cases. For the cases where the failure load is not clearly defined, we suggest the use of a practical failure criterion for the pile load test interpretation taken as the axial load measured at a displacement equal to 10% of pile base diameter. The studied pile installation modes are divided in two type’s which are, large and low displacement piles. The ranges and the limits of the constituent of the database are shown in Table 4. Table 4. Ranges of the database constituents (variables) Pile types Inputs Large Low and output displacement displacement Min Max min Max B (m)



0.20



1.00



D (m)



3.00



47.2 0



8.38



29.50



NShafta



6.21



59.4 5



6.25



26.52



Nbb



16.35



47.2 0



2.00



71.50



0.27



7.13



1.07



5.05



Qt (MN)



0.34



0.63



28 62 Case number Total 90 number a b NShaft, Nb are the blows numbers after correction.



118



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



For a systematic formulation of this problem complex multivariate, A multivariate analysis is performed in order to see the effect of parameters (inputs) on the capacity (output) for both types of piles. The graphs (Fig.3, Fig.4) show clearly the positive and significant effect of these parameters (inputs) on the load Qt (output), one notices an exponential trend. Development of the mathematical models of the ultimate load Consulting the literature, it was found that the general shape adopted for the formulation of Qt by different authors is expressed as follows:



C1 ,C2 : factors proposed by different authors (Table1). In this study, it was considered appropriate to adopt the following form:



b1 ,b2 ,b3 ,b4 : are the unknown factors of the mathematical proposed models eq (1). As, Ab : are respectively the lateral and base surface. The coefficients, b1 ,b2 ,b3 ,b4 are determined by the STATISTICA software Version 8 [17]. The results are shown in the Table 5. An important finding is that the unit shaft factor (b1) varies between 3 and 5. These values are in concordance with Bazaraa and Kurkur values (b= 2 to 4) [18]. Table 5. Coefficients of the two models (large and low displacement piles) Models factors (MPa) b1 b2 b3 b4



Large displacement piles 0.005 -0.015 -1.710 0.100



Low displacement piles 0.0030 57.000 -3.560 -0.330
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Figure 3. Influence of parameters on the pile capacity for large displacement piles
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Figure 4. Influence of parameters on the pile capacity for low displacement piles



Comparison of model with available SPT-based methods Many traditional methods for pile capacity prediction are presented in literature. Among these, five are chosen (five for large displacement piles), for the purpose of assessing the relative performance of the developed model. These include the methods proposed by Meyerhof (1976) [19], Shioi et al. (1982) [20], Robert (1997) [21], Shariatmadari et al. (2008) [22], PHRI standard (1980). These methods are chosen as they are commonly used represent the chronological development of pile capacity prediction, and the database used in this work contains most parameters required to calculate pile capacity by these methods. The performance of the conceived model for the validation set has a coefficient of determination R² equal respectively 0,83 for large displacement and 0.81 for low displacement piles. Mean equal respectively to 0.93, 1.05 and standad deviation (SD) of 0.42 and 0.15. Table 6 shows the performance of the chosen methods. For the large and low displacement pile, the best performance parameters (R², Mean and SD) are for the Meyerhof method (1997), the Shioi et al. (1982) give the low values. Finally, the results have demondtrate that the developed model performs well with the two pile types.
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Table 6. Performance of ANN model against available SPT-based methods Performances parameters Methods [Reference]



Pile types 0,84



Mea n 0,90



Standard deviation 0,3



0.78



1.14



0.35



Displacement



0.26



0.87



0.27



Displacement



0.82



0.78



0.27



Shariatmadari et al. (2008) [41]



Displacement



0.80



1.22



0.41



Proposed NN model



Large Displacement Low Displacement



0.83 0.81



0.93 1,05



0.42 0.15



R² Meyerhof (1976) [38] PHRI Standard (1980) Shioi et al. (1982) [39] Robert (1997) [40]



Displacement Displacement



6. Comparison with the multiple regression analysis models In this section, we try to compare the developed models with some multiple regression models (linear and non linear). The results are summarized in Table 7 and 8. We conclude that the performance parameters of the regression models are low by comparison with those of proposed models except for multiple regression linear models. Table 7. Comparison with linear regression models Multiple regression linear models Large displacement pile



Low displacement pile



Pa



0.0000001



P



0.00045



R2



0.75 -2.66388



R2



a0



a0



0.81 -9.6699



a1



4.38169



a1



55.8698



a2



0.10965



a2



-0.4438



a3



0.07606



a3



0.2795



a4



-0.02792



a4



-81.9315



a5



-0.01752



a5



-0.1626



a6



2.34570



a6



0.1274



a



: P value
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Table 8. Comparison with non linear regression models (quadratic model) Multiple regression, non linear, quadratic models Large displacement pile



Low displacement pile



P



0.0000001



P



0.01



R2



R2



a0



0.77 -1.01913



a0



0.5 0.250982



a1



2.41940



a1



0.084262



a2



-5.91838



a2



-0.001083



a3



-0.13858



a3



-7.44263



a4



0.00326



a4



1.93456



a5



0.11983



a5



-8.34321



a6



-0.00063



a6



3.29178



a7



-0.04692



a7



0.049931



a8



0.00020



a8



0.001796



a9



0.16362



a9



-5.71375



a10



-0.00134



a10



1.43014



a11



0.00000



a11



-11.7659



a12



8.69954



a12



2.7043



7. Conclusion The work presented in this paper has used a series of in-situ pile load test results collected from the literature to develop analytic models for pile capacity predictions of large and low displacement piles. The performance of models was investigated against the most commonly used SPT-based pile capacity prediction methods and multiple regression models. The results indicate that the developed models were capable of accurately predicting the ultimate capacity of the two pile types with good performance parameters (R²=0.83, 0.81, Mean=0.93,1.05 SD=0.42, 0.15). Theses analytical models constituted a suitable tool to practical use in the hand of geotechnical engineer. References 1. 2.
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ABSTRACT This study presents the results from a series of laboratory tests carried out on rammed aggregate piers and stone columns installed in different clayey sand beds formed in a large scale model test tank. The clayey sand beds were prepared by mixing 60% sand, 40% clay at a water content of 1.5 times the liquid limit of the clayey sand. Instrumentation consisting of stress cells was installed at different depths of the clayey sand bed. The slurry mixtures were allowed to consolidate one-dimensionally under 10 kPa, 40 kPa and 80 kPa. After the completion of primary consolidation, a single rammed aggregate pier/stone column that has 10 cm diameter and 60 cm height was installed at the center of the clayey sand beds. The rammed aggregate pier/stone column was subjected to vertical loading at the top through a loading plate which has a 30 cm diameter which was displaced by jacking of the installation machine. The load-deformation behavior of the rammed aggregate pier and stone column, and the surrounding soil were investigated by evaluating the measurements obtained from load tests and the measurements obtained from stress cells. As a result of the performed tests, important results were obtained regarding the working mechanism of the rammed aggregate pier and stone column in soils having different soil strengths, stress increases surrounding the soil, and load sharing between the columns and the surrounding soil. Keywords: Ground improvement, laboratory model test, rammed aggregate pier, stone column.
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INTRODUCTION Nowadays, needs of structural buildings have been increasing with the increase in population. In many regions due to their economic importance, lands suitable for development have dwindled and geotechnical engineers resort to methods of ground improvement to construct facilities on sites which are not suitable for construction. Therefore, ground improvement techniques have become more significant. Nowadays, many methods for soil improvement are available throughout the world, including soil compaction, vertical drains, deep mixing, grouting, stone columns (SC), rammed aggregate piers (RAP) etc.. However, among all these methods, generally rammed aggregate pier and stone column techniques are preferred in recent years due to their advantages such as reducing and accelerating consolidation settlements and increasing load bearing capacity as well as due to their lower cost and speed of application. Another major advantage of these techniques is the simplicity of their construction methods. Within the last thirty years, in-situ ground improvement which is known as stone columns (SC) and rammed aggregate piers (RAP) have become a popular alternative to other methods. The construction procedure of rammed aggregate piers and stone columns are well described in the literature ( [7], [8], [17], [10], [18]; [1], [2], [12] ). More details and differences of two methods are listed in Table 1. Table 1. Stone Columns versus Rammed Aggregate Piers [11] Characteristic



Stone Columns



Rammed Aggregate Piers



Formation of cavity



Vibrofloat



Drilling



Backfill



Crushed stone



Crushed stone



Backfill lift thickness



2 to 4 ft. [2]



1 ft. [4]



Depth of installation possible



Up to ~ 100 ft.



Up to ~ 30 ft.



Column diameter



2 to 5 ft. [2]



2 to 3 ft. [4]



Backfill densification



Vibroflot



Impact ramming with beveled tamper



Response of matrix soil to construction



Complete remolding of soil during installation – formation of smear zone ([2], p. 19); lateral earth pressure approximately represented by K0 conditions [5]; [15].



Increase in lateral earth pressure to approximate Kp conditions [9]; [5];[15]



Aggregate friction angle



40 to 45 degrees [2]



48 to 52 degrees [4]



Modulus of elasticity



30000 to 57500 kPa



145000 to 190000 kPa



Stress concentration ratio



2 to 5 [2]



4 to 45 [7], [9]



Typical mode of deformation



Bulging ( [2], p.27)



Bulging or tip stress [17]



This paper presents the results from a series of laboratory model tests carried out on rammed aggregate piers and stone columns installed in clayey sand beds that have different undrained shear strengths. As a first step in the model tests, soil pressure cells were placed in the soil bed at different depths while the clayey sand beds were being formed in the test tank. The soil beds were then consolidated under different
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consolidation pressures and following the consolidation phase, stone columns and rammed aggregate piers were constructed. Both columns were axially loaded to failure and load-deformation behavior and stress distribution in the soil matrix were obtained. Although the installation process of both columns is different for these methods, the laboratory model test results are believed to yield important information regarding the behavior and engineering properties of both systems. The results of these laboratory model tests mainly deal with load-deformation behavior, stress concentration factor, stiffness characteristics and investigating of the comparison of both ground improvement techniques. MODEL TESTS Three and two series of laboratory tests were carried out on a rammed aggregate piers and stone columns, respectively, which were installed in different clayey sand beds formed in a large scale model test tank. All experiments were carried out on a 100 mm diameter and 600 mm high single column surrounded by soft clayey sand in cylindrical tanks. Tests were conducted on soils having differing shear strengths of 2.5, 3, and 10 kPa, as summarized in Table 2. Column area was loaded with a circular plate of 300 mm diameter, which was used to find the limiting axial stress, stiffness characteristics and stress distribution. Table 2. Model test properties



est No



Max. Cons T Applied olidation Consolidation Time Pressure (kPa) (month) Rammed Aggregate Pier 1



80



5



2



10



1



3



40



3



Pressu re Mecha nism Air Bag* Dead Load Air Bag*



Aver age Soil Strength (kPa)



Nu mber of Pressure Cells



10



3



2.5



6



3



8



10



0



2.5



5



Stone Column 1



80



5



2



10



1



Air Bag* Dead Load



*



Airbag system was used at high consolidation pressures.



EXPERIMENTAL SET-UP A column installation machine was manufactured in geotechnical engineering laboratory as shown in Figure 1. The system consists of a column case and aggregate reservoir. An electric motor is used to ram the column and another motor in the middle which enables the column to penetrate into soil and 100 mm probe to dig a cavity on the ground and form the column. The manufactured system is capable of installing and loading a single rammed aggregate pier or stone column and can apply a load of until 4 tons. The applied pressure is measured by a load cell mounted on the system.
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a) Schematic view



b) Photograph



Figure 1. Column installation and loading machine



a) Isometric view



b) Picture



Figure 2. Steel cylindrical test tank The model tests were carried out in a steel cylindrical test tank with dimensions of 900 mm height and 1100 mm diameter and surrounded by rigidty rings to prevent lateral deformations during the tests. Some other details of test tank are shown in Figure 2. PREPARATION OF SOIL BED In this study the soft clayey sand bed was prepared in the large model test tank by mixing 60% sand, 40% kaolin clay. Prior to the preparation of the soil bed, laboratory tests were conducted to obtain the basic properties of material used in the model test. In order to be able to obtain shear strength and compressibility parameters of the clayey sand bed a sets of Rowe tests and triaxial tests were performed. Rowe tests were performed on soil mixture at 25, 50 and 80 kPa consolidation pressures with a water content of 1.5 times the liquid limit of the clayey sand. After the end of rowe test consolidation, soil samples were recovered for triaxial testing. The other details and results are reported in [3]. The engineering properties of the material used in the model tests are summarized in Table 3.
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Table 3. Basic properties of materials Soil properties E o



USCS classif



s



Sand (SP) Crush ed Stone (GW) y Sand (SC)



Claye Bed



P



c



P



.5 4



% )



% )



% )



kPa)



7



5



2



.a



( kPa )



C



’ o



)



n



.57



.7 9



8000c



.8 2



.21



.8 3



.a



5



4



1



.a



.a



.a



1



.6 5



.6 3



u/



50



u



ication Kaoli n Clay (CH)



L



3c n



000a



8



.a



.a



b



2b



.2 1



a



Consolidated-undrained test (σ3=80 kPa) Consolidated-undrained test c Consolidated-drained test, (Dr= %45, [14]) n.a, data not available b



Clayey sand beds were prepared by mixing 60% sand and 40% clay with a water content of 1.5 times the liquid limit in order to obtain a homogenous soil at the end of mixing. This value is sufficient for the consistency of the slurry to have a viscosity allowing easy placement in the tank. After mixing with water, the soil was placed in layers inside the steel test tank. Drainage was allowed to take place at the top and bottom of the clay bed by placing 50-mm thick gravel layer sandwiched between geotextile layers. Pressure cells were placed at the different depths to evaluate increments in lateral and vertical stresses in the surrounding soil (Figure 3).



Figure 3. Position of pressure cells in the soil bed
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The slurry mixtures were first allowed to consolidate one-dimensionally under its own weight and following self-weight consolidation, test models were consolidated under different pressures by using air bag or dead weight on the surface. Vertical displacements were recorded by displacement transducers at each consolidation level. Consolidation of the clay beds was continued for a period when the rate of settlement was observed to be less than 1mm/day.



CONSTRUCTION AND LOADING OF COLUMNS At the end of the consolidation, a 15 cm of settlement was observed to at each model test. Vane shear tests were carried out on consolidated soil beds at different depths in order to obtain undrained shear strength parameter (Figure 4). The position of the column to be placed center of the test tank with respect to column installation machine and probe (column case) which has 10 cm diameter was pushed down to 60 cm depth. After this, in construction of stone column probe was pulled up 60 cm and using aggregate reservoir the crushed stone was poured into the hole, then 10 cm diameter and 60 cm height singular stone column has been installed in soft clayey sand beds in cylindrical tank. In construction of rammed aggregate pier probe was pulled up 20 cm and hole filled with crushed stone from the reservoir, then compacted to 12 cm with apply ramming. The final height of rammed aggregate pier was reached by repeating these procedures seven times (Figure 5). All experiments were carried out on a 100 mm diameter and 600 mm height singular column. After installing the column, load test was performed to determine bearing capacity and stiffness of columns. The steel loading plate with a thickness 2 cm and 30 cm diameter was placed at the center of the columns and the loading increments were applied. Deformations were taken during load increments with a resistive linear position meter connected to a data acquisition system. Load increments were applied until the columns failed.



Figure 4. Variation of shear strength values with respect to depth.
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Figure 5. Construction steps of SC and RAP and loading phase



RESULTS In this paper, five model tests are carried out in order to examine the behavior of rammed aggregate piers and stone columns. The results of the model tests are discussed as below in terms of load-settlement response, lateral stress distribution in the matrix soil and comparison of the stiffness of the columns. Load-Settlement Response The rammed aggregate piers and stone columns formed in the clay bed were subjected to vertical loading at their tops and displacements were measured continuously during loading. Figure 6 shows the loadsettlement responses observed from load tests on rammed aggregate piers and stone columns created in soil beds having different undrained shear strengths. These results show that for the soil beds which have the same undrained shear strength, rammed aggregate piers perform better than stone columns in terms of load bearing capacity.



Figure 6. Load-settlement curves for single SC and RAP at different shear strength



Lateral Stress Increment in the Matrix Soil Stiff elements that have high internal friction angle cause high lateral stress development in the surrounding matrix soil. Especially, during the construction of rammed aggregate pier elements, the ramming action causes aggregates to exposure a lateral pressure to the sidewalls of the pier and brings about on increase in
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the lateral earth pressure in the surrounding soil. This lateral stress increase plays an important role in the deformation characteristics of the piers during compressive loads [16]. In this study the magnitude of the lateral stress increase within the matrix soil during the installation of the columns was measured by using pressure cells and summarized as in Table 4. Measurements indicated that lateral stresses reduce with the distance away from the column center. At the end of construction of RAP and SC, lateral stress increments were measured to be 7-8 kPa and 2-3 kPa respectively at a distance of 15 cm from the column center. Similar magnitudes of lateral stresses were measured at a distance of 30 cm from center of the column. The overall evaluation of results show that the recorded stresses indicate construction of the rammed aggregate piers cause a lateral stresses increase in the matrix soil more than the stone columns cause. Table 4. Stress increment values at column construction phase in the matrix soil



S oil Pressure Cells



Pier



test no 1



Distance From Column Center (cm) Sto Rammed ne Aggregate Col umn test no 2



test no 3



test no 1



test no 2



Stress Increment in the Matrix Soil (kPa) Rammed Aggregate Pier



test no 1
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0
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Comparison of Column Stiffness The behavior of rammed aggregate pier and stone column under axial loading evaluated in terms of change in their stiffness under applied loading. The stiffness of RAP and SC is defined as the slope of the stressdeformation curve shown in Fig 6. The variations of stiffness of rammed aggregate pier and stone column with applied stress in Fig 7.
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c = 10 kPa u



Figure 7. Stiffness versus applied stress for SC and RAP



As it is seen from Fig 7, the stiffness of both RAP and SC decrease with increasing loading. At low levels of applied stress, the stiffness of rammed aggregate pier decreased from about 21 MN/m3 to 6 MN/m3 at an applied stress of 170kPa. Table 5 presents ratios of stiffness values increase from approximately 3 to 6 with increasing applied stress. Table 5. Comparison of stiffness values derived from load test results Appl ied Stress (kPa) 13 21 29 38 54 71 87 103 120 136 153 167



S C Stiffness ( MN/m3) 6 4 4 3 3 2 2 1 -



RA P Stiffness (M N/m3) 21 12 10 10 10 9 9 8 8 8 7 6



Stiffness Ratio (GP/SC) 3.5 2.8 2.9 2.9 3.6 4.2 4.9 6.5 -



CONCLUSIONS In this paper, laboratory model tests were carried out on a single rammed aggregate pier and stone column that have 10 cm diameter and 60 cm height, installed in different undrained shear strength clayey sand beds. The rammed aggregate piers and stone columns formed in soil beds are then subjected to vertical loading and measurements were undertaken to compare the behavior of rammed aggregate pier and stone column. The results of the model tests give some important insight into the performances of stone columns and rammed aggregate piers. The major conclusions that can be drawn from this study are as follows:  Load test results indicate that rammed aggregate piers more efficient than stone columns in order to carry applied loads in soil beds that have similar undrained shear strengths.
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 The installation of both RAP and SC columns cause on increase the lateral stresses. In the construction of rammed aggregate piers were observed to increase the lateral stresses more than the stone columns did. At the same distance from the column center, lateral stress increase in the matrix soil during the rammed aggregate pier construction are seen to be approximately 3.5 times larger than the lateral stress increase observed during the construction of stone columns. This lateral stress increase indicates the increase in the stiffness and bearing capacity of the surrounding soil matrix.  Rammed aggregate piers behaved as stiffer elements than the stone columns did. The results of the model tests showed that the rates of the stiffness of the columns are in the order of 3 and have an increasing tendency with increasing loading levels.
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Abstract This study focused on the effect of treatment methods on bacterial calcium carbonate precipitation (BCCP) in organic soil. Two different treatment methods were used for CaCo3 precipitation. These are immersing and injection by gravity. The CaCo3 precipitation was tested by monitoring variation in pH value of treated environment, measuring amount of CaCo3 by calcimeter, and results were supported by SEM and EDX analysis. Test results showed that CaCo3 were precipitated in organic soil by two method. However, amount of CaCo3 precipitation was higher in the gravity method than immersions method. Keywords: Bacillus pasteurii, organic soil, method of treatment, pH distribution, Bacterial calcium carbonate precipitation, calcemeter test
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Introduction Organic soils are found in many places around the world. Organic soil is a mixture of finely divided particles of organic matter, in some instances visible fragments of partly decayed vegetable matter and shells are also present in it. The amount of organic matter in soil significantly affects its geotechnical properties, including specific gravity, water content, liquid limit, plastic limit, density, hydraulic conductivity, compressibility, and strength. In order to improve geotechnical properties of organic soils different improvement techniques were used [1-4]. In last decades, the use of bacterial calcium carbonate precipitation become a popular ground improvement technique. It is presented as a new and environmentally friendly method. The primary role of bacteria in the precipitation process has been ascribed to their ability to create an alkaline environment through various physiological activities [5]. Considerable research on carbonate precipitation by bacteria has been done by using ureolytic bacteria. These bacteria are able to influence the precipitation of calcium carbonate by the production of urease enzyme. This enzyme catalyzes the hydrolysis of urea to CO2 and ammonia, resulting in an increase of the pH and carbonate concentration in the bacterial environment [6]. The application of bacterial calcium carbonate precipitation or cementation has been used for in variety of civil and geotechnical engineering applications, such as: cracks repair in granite and concrete, improving the bearing capacity of soil and pore filling and particle binding [7,8,9,10,11]. Different researchers have used a variety of methods to introduce bacteria into soil specimens, for purposes of achieving calcium carbonate precipitation [10]. This study discussed two different treatment methods for CaCo3 precipitation in organic soil in the same treatment period. These are immersing and injection by gravity to investigate which method give good results in BCCP. Materials and methods Microorganism An isolated bacterial culture of Bacillus pasteurii NCIMB 8221 was used in this study. The source of this bacteria was NCIMB Ltd which was a microbiology and chemical analysis company. Organic soil The organic soil used in this study was obtained from Sakarya region, Turkey. Some physical and chemical properties related with the organic soil used in tests are given Table 1 In all tests the fibrous peat samples that remain on #100 (0.15 mm) sieve size and are called as fiber were used (ASTM D 1997-91). This organic soil is classified as Peat by Unified Soil Classification System (USCS). and peat by classification system suggested by Wüst et al., (2003) . Organic content was estimated by firing process at 440 0C in an oven for 4 hours according to ASTM D 2974. According to this process ash content of the soil was defined as % 40. Wet sieve analysis was carried out on ash and it was found that soil contains 15% silt and clay, 25% sand, and 60% organic materials. Liquid limit of the organic soil was estimated by fall cone test according to ASTM D 4318 and found to be % 125. Table 1 Engineering properties of the organic soil used in the study Properties of Organic Soil Organic Content (%) pH Organic Carbon (%) Water Keeping Capacity, (in volume, %) Natural Water Content (%) Liquid Limit (%) Plastic Limit (%) Specific Gravity (g/cm3)



Content (%) 50-70 4.5-6.5 20-30 85-95 256 125 None plastic 1.97
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Preparing of urea nutrient agar This media used For the cultivation of Bacillus pantothenticus. Table (2) and Table (3) shows the Solid contents and liquid contents of this media respectevily.



Table 2 shows the details of solid contents of the media Composition



Quantity



Agar



15g



Peptone 5g



NaCl



5g



Yeast extract



2g



beef extract



1g



Table 3 shows the details of liquid contents of the media Composition Quantity urea solution* 50mL * urea solution (Add urea to distilled water and bring the volume to 100mL. Mix well. Filter sterilize.)



Making bacteria culture Pure colony was taken by loopful from the stock bacteria and streaked onto each plate. Then all plates were inverted and incubated for 48-72 hours at 30°C in a incubator. After incubation, colony growth of Bacillus pasteurii had occurred. The preparing for bacterial solution Bacteria, urea meduim and CaCl2 were added to sandy soil samples. Table 4 shows the details of the precipitation bacterial solution. Table 4 shows the details of the precipitation bacterial solution Solution Constituents Amount Bacteria Urea medium nutrient broth powder 3g Urea (NH2(CO)NH2 20 g NH4Cl 10 g NaHCO3 2.12 g Distilled Water 1L calcium chloride solution CaCl2.2H2O 18.5 g CaCl2/100 mL distilled water BCCP in organic soil samples This study focused on the effect of treatment methods on bacterial calcium carbonate precipitation (BCCP) in organic soil. Two different treatment methods were used for CaCo3 precipitation. These are immersing and injection by gravity. In the fist method, organic soil sample was placed in glass box having dimension
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of 60mmx60mmx20mm. The glass box was then filled with bacterial medium (Bacillus pasteurii, urea, and CaCl2). Treatment was continued for 4 days. In the second method, organic soil sample was papered in special mold having the same dimensions as glass box. Then, bacterial medium injected through pipes at the bottom of mold by gravity for a period of 4 days. Both samples were treated by urea medium and CaCl2 every 6 hours during this treatment period. Throughout the treatment period, change in pH values were monitored at every 6 hours. Also, amount of calcium carbonate in both organic soil samples were determined by using calcimeter test at the end of treatment. The samples analized by scanning electron microscopy (SEM) analysis and energy-dispersive x-ray (EDX) analysis. Results When the organic soil samples were treated by bacterial solution, the values of PH was monitored as a technique to check if biological activity within the two organic soil samples are occurring. The test results showed that the pH values fluctuated between 9 and 9.4 during treatment stage for both soil samples Figure (1).



Fig.( 1 ) changes in pH values in poth soil samples The results of calcimeter tests showed that the calcium carbonate precipitation occurred in both samples treated by two methods. It was also found that the amount of precipitated calcium carbonate in organic soil which treated by immersing in bacterial medium increased about 8 %. However the amount of precipitated calcium carbonate in organic soil sample which treated by gravity increased about 15.5%. Figure (2) shows the increase in the amount of calcium carbonate in two organic soil samples treated with immersing and injection by gravity .



Fig. 2. shows the increase in the amount of calcium carbonate in each soils samples. SEM images of organic soil for both samples are given in Figures 3 a and b. The Figures noticeably shows that the calcium carbonate crystals are produced in both samples treated by two different methods of treatment. However, the calcium carbonate precipitation by gravity more dense than immersing method.
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(a) (b) Fig. 3. Organic soil particles a) treatment by immersing b) treatment by gravity EDX analysis was performed on two organic soil samples which treated by two different methods. Figure 4 and 5 display elemental spectral analysis for both samples treated by immersing and injection by gravity respectively .



Fig. 4. EDX image and analysis of sand sample



Fig. 5. EDX image and analysis of organic soil sample Discussion One of the key parameters for CaCO3 precipitation is pH value. The local rise in pH often causes the bacteria themselves to serve as nucleation site for crystallization. The high pH environment is provided by the decomposition of urea [10,12]. Variation in the pH values was measured using a pH meter for both methods during treatment period as a reassurance of calcite precipitating in the organic soil samples. The ideal range of pH value falls between 8.5 and 9.3 for bacteria to precipitate calcite [13]. The test results showed that the pH values fluctuated between (9-9.4) during treatment stage for both soil samples and these values indicates that the environment was suitable for bacteria to precipitate calcite. At the end of four days of treatment, the samples tested by calcimeter instrument to observe change in amount of calcium carbonate in both organic soil samples treated with two methods. As shown in Figure 8
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the amount of CaCO3 content increased in two soil samples. It is found that CaCO3 precipitation is possible in organic soil by two methods of treatment. However, amount of precipitated calcium carbonate by gravity method more than that of the immersing. The chemical reactions during BCCP in soils are effected by the soil structure. The soil pore network resulting from soil structure influences the kinetics of a reaction principally by regulating the diffusion of reactants to reaction sites and by providing reaction surfaces [14]. The cell diameter of bacteria is usually in the range of 0.5 to 3 m [15]. Microorganisms are capable of moving freely in the pore spaces of coarse-grained materials, either by self-propelled movement or by passive diffusion. However, the smaller pore spaces offered by finer grained soils prohibit their entry and free movement. Therefore, bacteria are not expected to enter through pore throats smaller than approximately 0.4 m [16]. Pore network in the organic soil is complex [17]. It may effect passage of microorganism freely in the organic soil to reach reaction surface. When the bacterial solution was injected into the soil specimen by pressure they easily defused into more pore spaces. In this case more nucleation sites and nucleation surfaces were provided for BCCP. As a result, amount of CaCO3 precipitation by immersing is less than that by gravity. SEM images of organic soil for both samples, shows that the calcium carbonate crystals are produced only on the surface of organic soil particles treated by immersing method. However, CaCO3 precipitaion produced heavily in the voids and surface of organic soil particles treated by gravity. EDX analysis display elemental spectral analysis for both organic soil samples treated by immersing and injection by gravity. Those spectra for both soil types indicate Ca peaks that is associated with the calcite crystals. Peaks for other elements originated from the treatment solution and the composition of organic soil respectively. The Ca peaks in organic soil sample treated by gravity higher than that of the immersing. In gravity method CaCO3 precipitation covered the organic soil particles. Therefore, the peaks of Si and Al related with organic soil composition not appear in the sample treatment by this method. Conclusions Successful development of treatment procedures by two different methods for BCCP in organic soil has been presented. One of the important factor for successful bacterial treatment is pH of environment. pH value of treatment environment for both organic soil samples reached 9.3 that is with in an ideal value suggested in the literature for calcite precipitation. The study showed that bacterial calcium carbonate precipitation in organic soil is applicable by immersing and injection by gravity. However, amount of CaCo3 precipitated in organic soil treated by immersing method was less compared to gravity method. This is mainly attributed to two factors that are complex pore network and diffusion of bacterial solution into the pores in soil structure. This finding may encourage use of gravity method for calcium carbonate precipitation in organic soil. Acknowledgments This work was supported by a Scientific Research Projects Governing Unit (BAPYB), project No. MF.12.09. Referances 1. 2. 3. 4.
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ABSTRACT Both trench type barriers and artificial bedrock as wave impeding blocks (WIBs) can be commonly used in practical engineering applications as vibration isolation measures to protect foundations and structures from soft ground transmitted vibrations generated by high-speed surface railway traffic. Installation of wave barriers nearby the vibratory source indicates the active (near field) isolation, whereas the placement away from the vibratory source nearby the structure to be protected from incoming waves indicates passive isolation. The primary objective of this study is to deal with Turkish railway traffic induced vibrations and associated solutions to reduce its influence on surrounding structures by installation of wave barriers as wave propagation problems including soil-structure interaction, and then to idealize by utilizing discrete numerical solution methods. In this paper, the 2D finite element model that fully considers non-linear soil conditions as well as artificial boundaries simulating energy radiation along the truncated interface of the unbounded media is employed in the time domain along with Newmark’s integration. In the time domain analysis using the finite element method, the high speed train load function on the slab track is simulated corresponding to railway engine passing with a velocity of 250 km/h on the Turkish high-speed rail lines. To represent the non-linear mechanical behavior of a soil environment, the elasto-plastic material model has been preferred under Mohr-Coulomb yield criterion. For both active and passive isolation cases, the effect of various control parameters on the vibration screening is investigated to conceive the effect of its backfill material on the shielding performance of the wave barriers. The isolation performance of those wave barriers was evaluated from the obtained results and some remarkable outcomes for their use in engineering practice are presented. Keywords:Train-induced vibrations,artificial bedrock, open trench barrier, nonlinear material behavior, finite element method, absorbing boundaries
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Introduction Most of the vibration energy generated by surface railway traffic on soft grounds mainly dominated by the Rayleigh waves propagating close to the soil surface may produce unexpected substantial ground motions and stress levels in the vicinity of the track that transmit the vibrations through the subsoil to the structures. Therefore, the permanent adversely influences of these large vibrations on the foundations cause structural damage to the adjacent structures. This type of vibrations in the frequency range from about 4-50 Hz may cause some structures to resonance with their vertical modes [1, 2]. There is a wide range of construction types of wave barriers, varying from very stiff concrete walls or row of piles to very flexible gas mattresses or wave impeding barriers. The open trench is the most common ones in practical engineering applications due to isolation performance and low cost. When the wave barrier is located nearby the vibratory source, such application is known as active (near field) isolation. If the barrier is situated away from the source but around the structure to be protected from incoming waves, such far field isolation is known as passive isolation. Many researches have primarily dealt with the development of different numerical techniques as a tool for analyzing the influences of different parameters on the vibration screening by means of trench and wave impeding barriers [3-9] to compare with the few experimental studies which are carried out full scale tests on site and laboratory [10-13]. The effect of soil heterogeneity and layering efficiency on vibration isolation systems are also investigated by using frequency domain formulations [14, 15]. In this paper, computational simulation of the wave propagation problem with soil-structure interaction effects is directly accomplished by utilizing non-linear 2D finite element model under plane strain condition including plastic deformations of the underlying soil medium under Mohr Coulomb failure criterion. Absorbing boundaries are used along the fictitious interface of the unbounded soil media. With the present study, an extensive parametric investigation and systematic computations are performed to evaluate the dynamic behavior of the vibrating soil-structure system due to passing train load. For both active and passive isolation cases, the effect of various governing parameters on vibration screening measures (open trench, wave impeding barriers) are examined in mitigating the adverse effects of high-frequency vibrations on structural behavior. Finally, the study outcomes of these countermeasures are compared and discussed to guide for practical engineering applications at the planning stage of the railway design. System Parameters Considered For Finite Element Modeling For the numerical computations of the considered modeling adapted with simulation of applied train load, two dimensional (2D) finite element analyses with Plaxis software package[16] are utilized in the time domain to conduct an extensive parametric study on active and passive vibration reduction measures. To considerably simplify the SSI analysis, special boundary conditions named as absorbent boundaries, which can absorb the energy waves, are specified along the truncated interfaces of the model boundaries to avoid spurious reflection of waves back into the soil medium.To simulate adequately the response of soils to cycling loading conditions, the advanced constitutive material descriptions can be used for a detailed modeling of the dynamic stress-strain behavior of soils, which behaves highly nonlinear under large amplitude forced vibrations, such as earthquake loading. Since the amplitude of the dynamic force applied to the railway track is remarkably low compared to the other dynamic loads, the Mohr-Coulomb soil model would be sufficient for the analysis of such repeated low level train induced ground-borne vibrations. The discretization of the FE domain for simulating the two dimensional soil-structure coupled systems including the railway embankment, the vibration isolation measures, and the nearby building are shown in Fig. 1-2, respectively. To obtain the desired accuracy with a reasonable computing time and memory requirements of the dynamic response of the building in the region around the source and superstructure where the plastic deformations are expected, the finer FE mesh (H1=10m, B1=50m) is used in the modeling to be capable of transmitting all the vibratory wave patterns. This is achieved by smaller element size (h 0.34m), which is defined by the condition that of those not exceed one eight to one fifth of the shortest Rayleigh wavelength at the highest frequency of the significant components of the Fourier response
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spectrum. The time step integration has been chosen as t = 0.0103s taking into account the Courant condition for the FEM simulations. Uygulananhızlıtrenyükü Time history of the moving load
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Figure 1.FE model with simulation of the train load applied for the considered soil-structure system including trench barrier The FE mesh size is described as the lateral extent of B = 200 m and the total depth of H=50 m. The clear distance from the symmetry axis of the railway embankment to the left hand side of the building is 13m. The properties of trench barrier assumed to be variable parameters are defined with depth of D width of W and the distance L from the left side of the building (Fig. 1). Unless otherwise specified, the depth of the trench is taken as D = 4.5m and its width is assumed to be W = 1 m for achieving an ideal vibration
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reduction under economically practical [17]. Only the L is differently described in the analysis of the structural response. The FE modeling of the soil-structure system with a wave impeding block (WIB) of depth Ha, widthBa and length La is displayed in Fig. 2 for active isolation case. To obtain optimum reduction effect with the lowest cost, the WIB studied employing transient analyses is embedded inside the soil at a depth Ha = 1.5 m underneath the railway. In this case the length of the WIB is considered as L a = 5 m. When the WIB is placed under the affected building at depth of Ha = 2 m, then its length is taken as La = 12 m. The thickness is assumed be Ba = 1 m, Ba = 0.5 m for active and passive cases, respectively [17]. Uygulananhızlıtrenyükü Time history of the moving load
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Figure 2. Schematic diagram of the FE model for active isolation by using WIB
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The layer thickness of the single track embankment is 1.5 m above the ground surface. It has a top surface width of 6 m and its bottom width is 8 m. The considered structure is six- storey reinforced concrete frame with a basement located at a depth of 1.5 m below the soil surface. Its height is 18 m from the ground level and its width is 12 m. The spacing between the columns is assumed to be 4 m. The measurement points in the model at chosen nodes for displacement time history response are the roof floor of the building and the base of the railway embankment which are described as A and B, respectively (Fig. 1, 2). The distribution of the moving train load on the slab track is simulated by a fixed point for single wheel load (90 kN) corresponding to railway engine passing with a velocity of 250 km/h for forcing amplitude of 32 kN on the Turkish high-speed rail lines The action of wheel loads is expressed in a series of harmonic functions. Detail description of the modeling of the railway source is presented elsewhere [17]. However, the essential material parameters considered in FE model for the underlying soil, railway track and the building is given in early studies by authors [17, 18]. Model Verification Different FE meshes with acceptable computational effort and memory requirements are taken into account in order to check the validity of the presented SSI model. Firstly, the influence of the discretization size of the considered soil domain is investigated [17, 18]. The proposed FE model is verified by analyzing the free field surface response to the train induced ground-borne vibration, and the obtained results are compared with those obtained by the computer program SASSI [19], which is based on the Thin Layer Method/Flexible Volume Method (TLM/FVM) to solve dynamic soil structure interaction problems. The applied TLM/FVM has been modified and adapted to analyze the wave propagation of surface vibrations in the soil, generated by moving loads. A good agreement has been found between the elastic half-space solution, employed by Tosecky [20]and the introduced FE simulation [17, 18]. In Bornitz’s approach, which is developed by Amick and Gendreau[21], the loss of the amplitude of waves due to spreading out (geometrical damping) and absorption of energy within the soil itself (material damping) is accounted by velocity amplitude of Rayleigh waves. The attenuation of the amplitude is a function of distance from the source and absorption coefficient dependent upon the type of propagation mechanism and soil. The related figure for comparison of the finite element results with Bornitz’s solution has been given in Fig. 3. The half-space solutions based on the TLM/FVM and Bornitz’s analytical solution are performed to validate the accuracy of this proposed computational model. The comparison between numerical and analytical results indicates that the truncated underlying soil medium works well with employing energy absorbing boundaries. In numerical treatment of wave propagation and dynamic response analysis of infinite domain, the proposed finite element discretization does produce accurate results in meshing whole unbounded media.



Figure 3. Comparative study of obtained results
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Parametric Investigation and Numerical Results The impedance ratio (IR), corresponding shear wave velocity and mass density ratio between the backfill material and the original soil, is an effective control parameter commonly used by geotechnical engineers in practical applications to describe the material stiffness of the wave barrier compared to the surrounding soil, also given in early studies by authors [17, 18]. To examine the influence of the open trench and fill material properties on the screening performance of the WIB in reducing the structural response for residential buildings resting on soft soil conditions induced by the dynamic wheel load of the rail-bound traffic, an impedance ratio is specified to distinguish whether an isolation measure is soft or hard with respect to the surrounding soil. In order to accomplish remarkable mitigation of structural vibrations, the construction location of the wave barriers are also investigated by employing a series of numerical computations depending on the speed of applied trainload. For the sake of slope stability the trench sides are sealed by reinforced concrete in a width of 0.15 m. Dimensional factors on mitigation of building responses were examined in early study by authors [17]. The predominant values of the optimum dimensional parameters of the reduction measures are considered for an effective protection and to avoid the difficulties in their practical applications such as instability of soil, high water table levels and high costs. In this research, first focused on reduction measure was trench type barriers for railway traffic originated vibrations. In order to investigate the screening efficiency of the distance between the trench barrier with lateral support and the building to be protected, L is taken as 1m ≤ L ≤ 3 m into calculations, respectively, for passive and active isolation cases, while keeping constant the depth of D= 4.5 m and the width of W= 1 m for the open trenches. The resulting time history of the horizontal displacements at measurement point A corresponding to roof floor in the case of no screen and an open trench depending on the distance between the trench barriers is compared in Fig. 4 for the active and passive isolation cases.The Fig. 4 illustrates a significant isolation effect in the horizontal displacement amplitudes in the case of an open trench barrier. The performed maximum screening effect on the building vibrations under the ground excitations by the source running at 250 km/h is approximately 90% with an installed open trench barrier of 4.5 m deep and a distance of 1 m at observation time of about t = 1.3s.The influence of the distance (L) between the measurement point and the barrier location is significant for wave propagation. It should be over 10 times the wavelength of Rayleigh wave (L= min 10λR) for a considerable reduction in the vibration level. For insufficient distances, strong wave interactions with wave interference effects occur between the vibratory source and affected foundation to be protected.For train moving at speed of V= 250 km/h, it can be seen from Fig.4 and Fig.5, the open trench barrier can also result in better isolation performance with no significant amplification effect on the railway track vibrations. On the other hand, no considerable difference can be observed in the vertical responses of the railway track as seen in Fig.5.



Figure 4. Effect of location of the trench on structural response



Figure 5. Effect of railway track



location of the trench on



The resulting time history of the horizontal displacements at the peak point of the building before and after installation of the WIB with respect to its material stiffness defined as wave IR is compared in Fig. 6 for the train speed of V= 250 km/h. For the all investigated active isolation models with a shallow located WIB of
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Ha =1,5m deep, more than 55% reduction in the horizontal amplitudes for building vibrations can be achieved, especially the maximum horizontal amplitude on the structural vibration is reduced from around 3.64 to 0.77mm at recorded time about t = 1.33s 80% attenuation is accomplished for the wave barrier with having low impedance (herein, IR = 0 in practice). For train moving at speed of V= 250 km/h, it can be seen from Fig. 6 and Fig. 7, the WIB can also result in better isolation performance with no significant amplification effect on the railway track vibrations when the backfill material used is softer than the surrounding soils, i.e., with IR < 1. On the other hand, no considerable difference can be observed in the vertical responses of the railway track as seen in Fig. 7.



Figure 6. Effect of the wave IR on structural response in the case of active WIB isolation



Figure 7. Effect of the wave IR on railway track response in the case of active WIB isolation



As expected, The WIB embedded horizontally at a suitable depth inside the soil is only effective in mitigation of the train induced structural vibrations with predominant frequencies below the cut-off frequency of the soil stratum which no oscillation eigen modes can be induced. Because of the restricted length of the WIB, the spreading of waves in to the surrounding area cannot be completely obstructed, which is commonly stated as the leaking problem. It can be concluded from the obtained results given in Fig. 8 that the properties of the material compared to natural soil, defined as the wave IR of the WIB plays an important role on the screening efficiency in the case of passive isolation. The maximum horizontal amplitude on the structural vibration is reduced from around 3.64 to 0.41 mm at recorded time about t = 1.33 s for V = 250 km/h of the moving load speed, a reduction level up to 90 %is accomplished for WIB with stiffer fillmaterial having wave IR = 30. Furthermore, the reduction measure has no amplification effect on vertical response of rigid railway track, as depicted in Fig. 9.



Figure 8. Effect of the wave IR on structural response in the case of passive WIB isolation



Figure 9. Effect of the wave IR on railway track response in the case of passive WIB isolation
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PARAMETRIC STUDY OF THE DEFORMATIONS OF THE BUILDINGS SITUATED NEARBY AN EXCAVATION
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Abstract This paper covers a parametric study which consists in studying the effects of some parameters on the deformations of the buildings. In this study, these deformations are basically due to the sagging of the subsoil supporting the buildings caused by an excavation. This parametric study carried out using finite elements code Plaxis on constrictive model established from a deep excavation in Salzburg; Austria. The obtained results are mainly represented in tables and then followed by a discussion. Keywords: Buildings, deformations, effect, excavation, influence, parametric study.
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INTRODUCTION Recently, both the economic development and the population growth in urban areas particularly in big cities have led to a significant increase in the exploitation of the underground space. This exploitation often results in excavations near the existing buildings, and this domain has been given a great importance in the geotechnical field since these buildings are very sensitive to very small soil movements. These movements induce deformations in the buildings which may result in structural damages during the execution phase of the excavation project or throughout its whole life. With the development of the computer technology in terms of both hardware and software, the finite element codes designated for geotechnical problems like Plaxis are very available on the markets. Moreover, the numerical analysis of the excavations using these codes has become powerful and the most common used tool. Furthermore, the understanding of influence of an excavation project on the buildings located nearby has shown a significant progress in terms of the prediction of soil movements around the excavation and the probable deformations which might be induced by these movements. Once these deformations are predicted, a set of measures will be taken to prevent or reduce the structural damages which might occur. The prediction and the estimation of the buildings structural damages resulted from the soil movement caused by an excavation has been studied using scale models (Laefer, 2001) and lots of numerical models. This paper deals with a numerical model on which a parametric study is performed to estimate the deformations induced by the soil movements caused by an excavation and how they are influenced by some parameters. BUILDING RESPONSE DUE TO SOIL MOVEMENTS CAUSED BY AN EXCAVATION Soil surface movements caused by a deep excavation have effects on the buildings located nearby [1],[2],[3],[7]. These effects are illustrated in figure 1.



(a). Settlement (ρ), Relative settlement (δρmax ) and Rotation (θ)



(c). Tilt (ω) and Angular distortion (β)



(b). Relative deflection (Δ) and deflection ratio (Δ /L)



(d). Horizontal displacement (ρh) and Horizontal strain (εh)



Figure.1. Building response due to soil movements (after Wroth and Burland, 1975) [1][6]
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PROBLEM SPECIFICATION



Problem description Figure 2 illustrates the geometry of the model on which the parametric study is performed. The model is an excavation of 11m depth and 20m width retained by a double anchored concrete diaphragm wall of 24m height and 60cm thickness. This excavation was carried out to construct an underground car park nearby two buildings in Salzburg city, Austria. The two buildings (B1 and B2) are not structurally connected and they are modelled using structural elements (beam elements), therefore they can be treated separately. The soil profile is made up of thick clayey silt layer (41m) overlain by a sandy gravel layer (9m) [4][5].



Figure2. Model geometry
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Subsoil and structural elements parameters Table1. Subsoil and Interface parameters



Parameters



Material model Type of behaviour Soil unit weight above p.l γdry Soil unit weight below p.l γsat Horizontal permeability kx Vertical permeability ky Tangent stiffness for oedometer loading Eoedref Secant stiffness in triaxial test E50ref un/reloading stiffness Eurref Poisson’s ratio νur Power m Coefficient of the earth pressure at rest E0NC Reference stress Pref Cohesion c Friction angle φ Dilatancy angle ψ Strength reduction factor Rinter



Where; p.l stands for



Sand y grav el HSM Drai ned 18.9 20.7 2.59 2.59



Clayey silt



Units



HSM Undrai ned 20.0 20.2 8.6 10-



kN/m3 kN/m3 m/day m/day



3



8.6 105200 0 5200 0 2080 00 0.20 0 0.42 6 100 2.0 35 5.0 0.67



3



37600 37600 15040 0 0.20 0.65 0.562 100 30 26 0.0 0.67



kN/2 kN/2 kN/2 kN/2 kN/2 ° ° -



phreatic level



Table2. Buildings parameters Parameters Value Type of Elastic behaviour 2.2 107 Nominal 1.173 106 stiffness EA 0.8 Flexural stiffness 10 EI 0.15 Equivalent thickness d Weight w Poisson’s ratio ν



Units KN/m KN.m2/m m KN/m/m -
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Table3. Diaphragm wall parameters Parameters Value Type of behaviour ElastoNormal stiffness plastic EA 1.8 107 Flexural stiffness 5.4 105 EI 0.60 Equivalent 9 thickness d 0.15 Weight w 1500 Poisson’s ratio ν 12000 Maximal forces Mp Np



Units KN/m KN.m2/m m KN/m/m KN.m/m KN/m



Table4. Anchors and grout body (geogrid) parameters Parameters Value Units Type of behaviour ElastoNormal stiffness plastic KN/m Anchors EA 167000 m Spacing Ls 2.0 KN Maximal forces 0.01 KN Fmax,comp 2560



Geogrid



Fmax,tens Normal EA



stiffness



Table5. Foundation parameters Parameters Value Type of Elastic behaviour 25 Weight γ 1.00 106 Young modulus 0.15 E Poisson ratio ν



167000



KN/m



Units kN/m3 kN/m2 -



Analysis of the model The analysis is carried out considering the following assumptions [6]: - 2D plane strain problem, - The structural elements are modelled using beam elements, and the interfaces are modelled between these elements and the soil, - The Anchors are pre-stressed. - For the reference model the ground water table level is lowered in steps. - The geometry of the model is shown in the figure below.
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Figure 3. Plaxis model The computational stages are as follows: Stage 0: initiation of stresses (K0 procedure); Stage 1: activation of the two buildings; Stage 2: activation of diaphragm wall; Stage 3: first excavation (-4.5 m); Stage 4: pre-stressing of the first anchor row (300 kN/m); Stage 5: second excavation and lowering of the groundwater table to the same level of -8.0 m; Stage 6: pre-stressing of the second anchor row with 300 kN/m; Stage 7: third excavation and lowering of the groundwater table to the same level of -11.0 m; Stage 8: final excavation including activation of the foundation and the removal of the berm Results for the reference model Figure 4 below shows the deformed model of the reference solution of the last computation stage (stage8). The results of all the deformations are represented in table6.



Figure4. Deformed model- reference solution
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Table 6. Results of the buildings deformations ρ δρ[m θ [°] ρh [mm m] 10-2 [mm ] ] B 3.75 2.03 10.5 1 10.9 9 9 B -8.01 3.18 2.24 8.37 2



εh 10-7



(Δ) [mm]



(Δ/L) 10-5



ω [°] 10-2



β [°] 10-2



9.19



0.12



1.13



1.95



0.13



33.7



0.40



3.65



1.67



0.41



PARAMETRIC STUDY Once the reference model is calculated, the parametric study can be performed. This study is based upon the variation of a set of parameters in reasonable ranges and comparing the obtained results with those of the reference model [8][9]. All the results are of the last stage (stage 8). The parameters taken into account in this study are of three types: 1- Geotechnical parameters - Cohesion (c); c ± 5 kPa - Soil friction (φ) ; φ ± 5º - Poisson ratio (νur) ; νur ± 0.1 - Stiffness module (E); E ± 25 kPa 2- Interfaces (R) - R ± 0.15 and R = 1 3- Groundwater table level : the comparison is made between the groundwater table level lowered at each stage of excavation (case of the reference model), and the case of lowering it before starting any excavation. Each parameter from those listed above is varied and computed separately, and the obtained results are mainly represented in tables. Graphs of the settlements of the basements are added to give a clearer image about the values represented in the tables. Effect of geotechnical parameters



(a) Building B1



(b) Building B2



Figure5. Effect of geotechnical parameters on the settlements of the buildings



Table 7: Effect of geotechnical parameters on the buildings deformations Para ρ δρ[ θ (Δ) (Δ/L) ρh εh 10mete [m m [°] [mm



ω [°]



β [°] 10-2
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Figure 5 and table 7 show that the stiffness parameters Eur Eoed and E50 seem to be pure deformation parameters. These parameters affect the soil movement and thus the deformations of the two buildings. Their variations from their references values (52000, 208000 and 52000 kN/m2 respectively) by reducing or raising them with an amount of 25% simultaneously have resulted in a decrease between 16% and 19% and an increase of about 25% in the settlements, relative settlements, rotations and horizontal displacements of the buildings. However, the effect of this change on the deflection and the distortion is negligible. The variation of soil strength parameters; the cohesion and the friction angle from their references values with amounts of ± 5 kPa and ± 5° respectively has shown noticeable differences in the calculated deformations, but the effect of the friction angle is much more noticeable than the effect of the cohesion. Around 24% increase and over 40% decrease in the deflection, the deflection rate, the horizontal displacement and the distortion of the building B1 have resulted from the decrease and the increase of the cohesion respectively. However, the other deformations of the same building (B1) including all the deformations of the building B2 have changed with amounts between ± 3% and ± 10%. Over 40% decrease and over 60% increase in the deflection, the deflection rate, the horizontal displacement and the distortion of the building B1 have resulted from the increase and the decrease of the friction angle respectively. However, the other deformations of the same building (B1) including all the deformations of the building B2 have overall changed with amounts between ± 8% and ± 40%. Contrarily, it can be clearly noticed from figure 5 and table 7 that the variation of the value of νur from its references values upwards or downwards with an amount of +0.1or-0.1 has no significant effect neither on the deformations the building B1 nor on those of the building B2. Effect of interfaces



(a) Building B1



(b) Building B2 Figure6. Effect of interfaces on the settlements of the buildings
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Table 8. Effect of the interface on the buildings deformations Para ρ δρ[ θ (Δ) ρh εh mete [m m [°] [mm] [m 10 r m] m] 10m] -6 2 B R = 1 1 R + 0.15 R – 0.15 B R = 2 1 R + 0.15 R – 0.15
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In this parametric study the interface influence has been examined by varying only the shear parameter (Rinter) from its reference value of 0.67 to three values which are R+0.15, R- 0.15 or R=1.0 as it is shown in table 8. The variation of this parameter to R+ 0.15 or R=1 has led to a reduction in the soil movement (see figure 6) and so in the buildings deformations with amounts of about 25% and 40% in the deflection, the deflection rate and the distortion respectively. Also this change has led to a reduction of 4 to 12% in the settlement, the relative settlement, the rotation and the inclination for the building B1. But it has led to an increase in the horizontal deformations. However, its effect on the building B2 is not significant compared with the effect on B1. Contrarily, an increase has resulted in all the deformations except the horizontal deformations (εh) where a decrease has resulted for the both buildings. Effect of the groundwater table level



(a) Building B1



(b) Building B2



Figure7. Effect of GWT level lowering on the settlements of the buildings
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Table 9. Effect of GWT level lowering before starting any excavation on the buildings deformations ρ δρ[m θ [°] (Δ) (Δ/L) ω [°] β [°] ρh εh 10-7 [mm m] 10-2 [mm [mm 10-5 10-2 10-2 ] ] ] B 3.71 2.01 10.5 9.18 0.12 1.11 1.93 0.13 1 10.9 8 4 B -7.98 3.15 2.22 8.72 3.37 0.39 3.62 1.66 0.41 2 The reference computation is performed by taking into consideration that the groundwater table level is 4.5m below the ground surface level, and then it is lowered in steps (corresponding to the excavation steps). However, another computation is performed but in this case the groundwater table level is lowered before carrying out any excavation in order to avoid the effects of ground water fluctuations. The line graphs of figure 7 and the values represented in table 9 indicate that no significant change is observed in all the deformations of the two buildings compared to the reference values, except 4% increase can be noticed in the horizontal displacement of the second building B2. Overall, the groundwater table level lowering before carrying out any excavation or in steps has no influence on the buildings deformations. CONCLUSION This paper has covered a parametric study in which the possible impacts of some parameters on the buildings deformations resulted from the soil movement caused by an excavation. The studied model has been computed using a finite element code Plaxis only to quantitatively predict and estimate the influence of the excavation project on the adjacent buildings. This exception is made since the solution obtained for the reference model has not been an exact solution. However; it can be considered as a good approximation to the exact solution by using numerical models. This study has shown and confirmed that the sensibility of the obtained results is dependent on the input parameters in the constitutive model. Thus, the studied parameters and others should be carefully and appropriately chosen to obtain a good approximation to the results. Finally, it can be concluded that the covered parametric study and such type of studies are helpful and necessary in understanding and predicting the probable deformations of the buildings located nearby excavations while using numerical analysis. Therefore, these studies improve the prediction validity of using the numerical analysis in practice. REFERENCES Richard J. Finno et al, ‘‘Analysis and Performance of the Excavation for the Chicago-State Subway Renovation Project and its Effects on Adjacent Structures’’, Department of Civil Engineering; Northwestern University, 2002, pp.33-37. [2] R. Frank, ‘‘Fondations superficielles’’, Techniques de l’Ingénieur, traité Construction, pp. C 246 – 22- C 246 − 23. [3] B. Hor, 2012, ‘‘Evaluation et Réduction des Conséquences des Mouvements de Terrains sur le Bâti : Approches Expérimentale et Numérique’’, INSA de Lyon.chapter1. [4] Helmut F. Schweiger, ‘‘Case study- deep excavation in Salzburg’’, Institute for Soil Mechanics and Foundation Engineering Computational Geotechnics Group; Graz University of Technology, Austria, pp.2-5. [5] W. Broere et al, 2005, ‘‘Plaxis bulletin 17; controlof ground movements for a multi-level anchored diaphragm wall’’, Plaxis, the Netherlands, pp.18-19. [6] David Potts. et al, ‘‘Guidelines for the use of advanced numerical analysis’’, 2002, Thomas Telford Publishing, Thomas Telford Ltd, 1 Heron Quay, London E14 4JD.
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Kinematic Interaction Factor for a Single Pile Embedded in Homogeneous Soil
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Abstract In the analysis and design of pile-supported structures subject to dynamic loads such as earthquakes, kinematic soil–pile interaction is typically ignored, and earthquake input motions along the pile are taken as free-field motions calculated by one-dimensional site response analysis. In reality, the presence of the pile influences the wave patterns around it due to its stiffness contrast, rendering the wave amplitudes and phases to differ from the free-field due to scattering and averaging. In this study, such kinematic interaction effects are investigated using a fully discrete numerical approach. The soil-pile system is modeled in two dimensions.The pile is embedded in homogenous elastic soil and sits atop a rigid bedrock. The effects of pile-soil stiffness ratio, soil layer thickness, and slenderness ratio are quantified through parametric sensitivity studies. Additionally, the phase variations ofthe displacement with respect to depth and horizontal distance from pile are examined. Keyword: Finite Element Model, Phase Effect, Seismic Response, Soil-Pile Interaction
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Introduction Pile foundations embedded into ground resist soil displacements and scatter seismic waves that arise from base layers (bedrock) during earthquakes. Therefore, free-field soil motion recorded at an adequate distance away from the piles is different from that recorded at the pile-head [1]. The presence of the piles is generally ignored in engineering practice wherein it is assumed that the superstructure rests on a rigid base,and the free-field soil motions are considered directly as input motions at this rigid base. However, the dynamic input motionsare generally different from the free field motions due to the stiffness contrast and geometry of the piles—such effects are collectively referred to as kinematic interaction—and should be modified prior to being used as input.Furthermore, the flexibility of the soil must be taken into account, because any inertia the structure gains during seismic excitation will excite back the supporting soil media, which is usually referred to as inertial interaction. In this study, we focus on kinematic interaction, and investigate it through simulations with the finite element method. Parametric studies are performed by applying harmonic input motionsto two-dimensional (plane strain) models to examine the behaviour of the soil-pile system. Parameters considered in these analyses are pile-soil stiffness ratio(Ep/Es), slenderness ratio defined as the pile length over pile diameter (L/D), and the thickness of soil layer (H).Furthermore, phase variationsof the displacement field due to kinematic interaction with respect to distance from the pile and depth are investigated. Problem Definition and Numerical Model for Kinematic Interaction Problem The problem analyzed is illustrated in Figure 1. A single vertical cylindrical pile of length L, diameter d, mass density p,Poisson’s ratio p, and stiffness Ep is embedded in a homogeneous soil layer of thickness H (=L) resting on a rigid base. Soil is assumed as a linear-elastic material of shear wave velocity Vs, shear modulus Gs, Poisson’s ratio s, and mass density s. Soil – pile system is loaded at rock level by vertically propagating shear waves expressed as harmonic horizontal displacementug(t) = ugo∙exp(iωt). The pile is considered fixed-head and free-tip with a view to represent real pile boundary conditions. The superstructure constructed on pile foundations limits the pile head movement and the pile tip are free in general except rock-socketed pile.



Figure 1A single pile subjected to vertically propagating S waves in homogeneous elastic soil on rigid bedrock. Analyses of the soil-pile foundation systems were performed using the OpenSees finite element platform [2]. The system was modelled in two-dimensions and a Lysmer-Kuhlemeyer [3] dashpot was used to
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represent the rigid half-space to account for the finite rigidity of underlying bedrock. To represent the truncated horizontal boundaries, free-field soil columns were placed on both sides of the model. The freefield columns have to be located sufficiently far away from the studied region so that it is not affected by the said truncation. An analysis of the size of the computational domain was carried out, and a horizontal distance of 200D from the pile was found sufficient. Also, the finite element mesh sizes are important to attain adequate accuracy in the analysis in seismic wave propagation problems, and the general recommendation is to remain below one-fifth to one-eighth of the shortest wavelength [4]. This condition was taken into account and the element sizes in the vertical direction were 0.5 m or less. Analyses were performed in two stages: First stage is the gravity loading in which prior site conditions are established. In the second stage, dynamic loading is applied as a force time-history to the base of the geometry using Joyner and Chen’s Method [5]. The force time-history was created by multiplying the velocity time-history of a given motion by the mass density and the shear wave velocity of the bedrock and the base area of the model. Results are presented as kinematic interaction factor, which is the ratio between the pile and the free-field displacements at surface level(Equation 1), with increasing dimensionless frequency (a) defined in Equation 2 in which ω is angular frequency, D is pile diameter, and Vs is soil shear wave velocity.The freefield is considered at 70∙D away from the pile [6]. (1) (2) Validation of the Finite Element Model In order to validate established numerical model, kinematic interaction factor calculated by FEM was compared with analytical solution recommended by Anoyatis et al. (2013) [7].Analytical method is based on Beam-on-Dynamic-Winkler-Foundation model and it presents closed-form solutions for bending, displacements, and rotations atop the pile for different boundary conditions at the head (fixed and free) and at the tip (fixed, hinged, and free). Pile length (L) of 20 m, which is equal to soil thickness (H), and pile diameter (D) of 1 m were selected. With respect to the soil, shear wave velocity of 200 m/s was considered that represents medium soil type (not too soft or stiff) in strength for clay or sand and soil damping of 5 % was estimated. Stiffness ratio between soil and pile (Ep/Es) of 500was taken into account. Used parameters in comparisonare given in Table 1. Table 1 Soil and pile material properties used in comparison of FEM and Analytical method Vs Material (t/m3) G (MPa) E (MPa) (m/s) Soil 1.75 200 0.4 = ∙Vs2 =2∙G∙(1+ ) Pile  - =500∙Esoil As can be seen in Figure 2, FEM and analytical method results are in good agreement though small difference at high frequency (>0.2). Interested dimensionless frequency is in the range between 0 and 0.15 since fundamental natural frequencies of soil deposits are usually quite small [8]. In this analysis, frequency is equal to 4.77 Hz for dimensionless frequency of 0.15 while the natural frequency of soil deposit (fn=Vs/4H) is calculated 2.5 Hz. Parametric Studies Regarding Kinematic Interaction To gain insight into about embedded-pile response under dynamic loads at base such as an earthquake, parametric studies were conducted using harmonic input motions by established FEM.In these analyses, the influences of the stiffness ratio between pile and soil (Ep/Es), the pile slenderness ratio (L/D), and soil thickness (H) on kinematic interaction were examined; and the parameter variations are given in Table 2. Soil material properties are identical with considered in Table 1.
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Figure 2 Comparison of FEM results with theanalytical solution by Anoyatis et al. (2013) Table 2 Variables used in parametric analyses Ep/Es 100 500 2000



L/D 10 20 40



H (m) 20 30 40



The effects of the relative stiffness between the soil and the pile (Ep/Es) on the kinematic interaction factor for a pile diameter of 1 m and length of 20 m is shown in Figure 3.In general, kinematic interaction factor decreases with increasing frequency. The pile that has less rigidity according to soil (in condition Ep/Es = 100) followssoil movement arising from dynamic loading, as expected. In contrast, the pile shows more resistance to soil displacements with increasing stiffness ratio. To investigate slenderness ratio effect, the diameter of pile was changed holding the pile length invariable (L=20 m) and results are presented in Figure 4. Flexible pile, L/D is high, moves together with soil; conversely, kinematic interaction declines with decreasing slenderness. Furthermore, this behaviour can be interpreted as the effect of the pile diameter.



Figure 3 Effect of stiffness ratio on soil – pile interaction
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Figure 4 Effect of slenderness ratio on soil-pileinteraction The soil thickness effect is demonstrated in Figure 5, for the case of constant pile, the diameter of 1 m and the length of 20 m. It is uneasy to say exact things with respect to the influence of soil thickness since kinematic loads changes with varying thickness. The pile also shows different response to kinematic loads. It can be seen different free-field soil displacements with depth under identical harmonic input motion, dimensionless frequency of 0.1, for H=20 m, 30 m, and 40 m in Figure 6where z denotes the depth,umax (z) is the maximum displacement at depth z, and ubase represents displacement of the input motion. Soil layer amplifies input motion more than two times for H = 20 m while surface motion is almost same with input motion for H = 30 m.



Figure 5 Soil thickness effect on soil – pile interaction
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Figure 6 Displacement variations of free-field with depth under harmonic input motion (dimensionless frequency of 0.1) for different soil thickness of 20 m, 30 m, and 40 m. Phase variations in vertical (depth) and horizontal directions The existence of piles in a soil layer change the free-field site response depending on several factors such as soil and pile properties, and characteristics of input motion. Therefore, the accelerations and displacements with depth near pile are different from at the free-field. This diversity with respect to displacements at surface level were shown in previous part of this paper for some parameters. It can be exposed by phase variations in horizontal (X) and vertical (Z) directions. In order to show this effect, phase angle differences between two points in horizontal direction (phase angle in frequency domain calculated at distance of X – phase angle calculated near pile) were plotted with depth for different horizontal distances from the pile and presented in Figure 7 where X=20 m shows the distance of 20 m from the pile. The form of harmonic motion is given in Equation 3 and φ denotesphase angle. (3) If the phase angle is zero, the displacement is said to be in phase with the applied force; otherwise (φ ≠ 0), the displacement and force may have opposing algebraic sign which means that at the same time instant the force and displacementare in opposite directions [9]. With respect to horizontal direction, the phase differences close to pile (X = 20 m and X = 40 m) are smaller than differences which represent the freefield, as expected. The phase difference related to vertical direction are constant up to mid-point of the pile. Below this part, the phase difference changes irregularly and sign turn into different direction. Conclusions Parametric analyses regarding soil – pile interaction were carried out under harmonic motions in order to examine the effects of the relative stiffness of the pile and soil, slenderness of pile, and soil layer thickness on the foundation input motions. The results were quantified using a kinematic interaction factor, which is a measure of the differences between the pile-cap and the free-field motions. Additionally, phase variations with respect to depth and horizontal distance from the pile was investigated. The results can be summarized as follows:  With respect to stiffness and slenderness, the results were as expected. Relatively rigid pile resists to soil movement and kinematic interaction factor decreases with increasing dimensionless frequency. In contrast, pile which has less rigidity moves with soil.Furthermore, it is uneasy to say something about soil thickness effect since form of soil displacement changes with soil thickness as can be seen in Figure 6.  The effect of the pile existence on soil – pile interaction was explained considering phase variations with depth and horizontal distance. The pile foundation changes wave propagation in soil and causes phase lags in the horizontal direction. The soil movement and applied force can be opposing algebraic signs at the same time and thismay influence kinematic interaction.
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In summary, kinematic interaction can be a significant aspect of soil-structure interaction behavior and it should be considered in the design of important superstructures (e.g., tall buildings, harbor structures, or nuclear power plants) supported on pile foundations.



Figure 7Phase variation with depth for different distance from the pile (Ep/Es = 500; a = 0.1)
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ABSTRACT In this study, an experimental free-fall apparatus was used to examine the impact behavior of steel pipe systems designed with three different protective layers considering both the efficiency and the energy adsorption capacity. The three protective layers considered in this study are a granular soil layer of constant relative density, and sand layers reinforced with geotextile and geogrid layers, respectively. The magnitudes of impact load as well as the resultant accelerations were measured as a function of time during the experiments. Time histories of accelerations recorded in each test were used to calculate the displacements and loads on the pipes, which in turn led the estimation of the level of energy adsorbed by the pile–protective layer systems. This enabled a fair comparison of the relative performance of each protective layer under impact load conditions. It was observed that all of the three protective systems contributed significantly to the pipe safety. However, the results indicate that the most successful pipe performance was achieved through the use of geogrid reinforced soil layer. Key Words: Pipe, Impact Behavior, Protective Layer, Geotextile, Geogrid
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Introduction Transmission infrastructure at certain geological and geographical conditions can often be under the threat of dynamic loading induced by landslides and rock falls. The intensity of this type of loading can be significantly higher than the usual design loads. Characterized as a system in series, failure at a certain point in a transmission pipe network can have serious economic consequences. Thus, a better understanding of pipe behavior and possible ways of its improvement under impact loads is certainly beneficial. Considering these points, this study aims to evaluate and compare the efficiency of three different protective layer designs on the performance of pipe systems under impact loading conditions. Relatively few studies that focus on the effects of impact loading on pipes are available in the literature [1-10]. Furthermore, considering pipes, no study that deals with reducing the influence of impact loads and exploring the efficiency of layered protective systems under dynamic stresses exists to the knowledge of authors. Under the light of the summarized literature survey, a research study is planned for investigating the performance of various protective systems for pipe structures under the threat of impact loading effects such as those due to rock falls. In order to explore and compare the performance of various layered protective systems, first, reference impact-loading tests on steel pipe without any protection were conducted. In the following series of tests, protective systems that consist of a sand layer of constant relative density, and sand layers reinforced with geotextile and geogrid layers, respectively, were utilized on pipe for a robust comparison. Impact behavior of these different systems, including the energy absorption capacity, was interpreted using acceleration-time, displacement-time and load-displacement relationships obtained from the tests. Experimental Study Test specimens and Materials A free-fall impact apparatus, which is designed to drop a constant weight of 5.25 kg from a height of 500 mm, applying a constant energy impact loading to simulate rock fall effects on the pipe structures, was utilized in the experimental study. The pipe and, when present, the protective layer were systematically placed in a container that was situated directly under the free-fall impact apparatus. The main variables investigated in the test series is the types of the protective system. The length and diameter of both pipes are 1000 mm and 220 mm, respectively. Geometrical properties and sizes of pipes that are used during tests are given in Figure 1. Impact Load a
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All dimensions are in mm. Figure 1. Dimensions of Specimens



174



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Three different protective systems were utilized and compared in the study. These include a 130 mm well graded sand layer of constant relative density, and sand reinforced with single layers of geotextile and geogrid, respectively. The details of these four test specimens are given in Table 1. Tablo 1. Test specimen Spec. Material Type No. for Pipes



Remarks



1



Steel



Reference specimen without protective layer



2



Steel



Protective layer with sand and geotextile (Geotextile depth = 50 mm)



3



Steel



Protective layer with sand and geogrid (Geogrid depth = 50 mm)



4



Steel



Protective layer only sand



The well-graded sand (SW) that was used in the experiments was characterized by its specific gravity, maximum and minimum void ratios and its grain size distribution (Table 2). The direct shear test conducted on sand specimens that were compacted to a relative density of 55% resulted in an effective stress friction angle of 39o. This result was obtained at normal stress values between 95 and 500 kPa. Note that all the index and strength tests were performed on oven-dried sand samples. The sand that was characterized as above was used to constitute a 130 mm protective layer of constant relative density on the pipes under impact loading. Table 2. Properties of Sand Materials Gs 2.71



min (Mg/m3) 1.49



max (Mg/m3) 1.88



emin



emax



D10



D50



Cc



Cu



Fine %



0.44



0.81



0.12



0.6



1.0



7.5



4.9



The protective sand layer was reinforced with geotextile and geogrid layers produced by TriAxTM company. The properties of these materials as specified by the manufacturer are given in Table 3. During the tests, when present, a single geogrid or geotextile layer was placed 50 mm under the top surface of the container and the sand layer, parallel to the pipe axis. Figure 3 show photographs taken during the placement of the geotextile and geogrid layers. Test setup and instrumentation A free fall impact apparatus was used in the experimental study to simulate the effects of rock fall on pipe systems. Designed test apparatus allows selecting different heights and weights. All of the conducted experiments involved dropping a 5.25 kg hammer from a constant height of 500 mm. No variation was induced to the hammer weight, drop height or the hammer shape. Applied impact load was measured using a 40 kN capacity dynamic load cell connected to the hammer and acceleration time histories were measured by ±560 g capacity piezoelectric accelerometers located at two points on the pipe. ICP type accelerometers with model number 353B02, manufactured by PCB Group were utilized for acceleration measurements. As shown in Figure 1, two accelerometers were symmetrically mounted on the pipes by a special apparatus.
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Data obtained from the dynamic loading and acceleration measurements were transferred to special software using a dynamic data logger system. A view of the test apparatus is given in Figure 4. Table 3. Mechanical Properties of Geogrid and Geotextile Properties of Geogrid Property Longitudinal Rib Pitch (mm) 40 Mid-rib Depth (mm) Mid-rib Width (mm) Nodal Thickness (mm) Rib Shape Aperture Shape Junction Efficiency (%) Radial Stiffness at Low Strain (kN/m) Axial Stiffness (kN/m) Properties of Geotextile Property Values Weight for unit area (g/ m2) 150 Thickness (mm) 0.8 Tensile strength for unit length 10.3 (kN/m) Axial strain (%) 52.0



a)Protective sand layer with Geotextile Figure 3. Protective Layers using Experiments



Diagonal 40 1.8 1.1



Transverse 1.5 1.3



General



3.1 Rectangular Triangular 93 300 455



b)Protective sand layer with Geogrid



Experimental Results and Evaluations Measured acceleration-time, displacement-time, and the load-displacement relationships as well as the calculated energy absorption capacities were used for investigating the relative merit of different protective layer designs on the behavior of pipe systems under impact loads. From the two accelerometers located on the pipes, the data from one that measured the larger acceleration was used in the analyses. Note that, however, the data from the two accelerometers were obtained to be almost identical in all tests due to symmetrical placement. Acceleration time histories were used to estimate the displacements of the points where the accelerometers are located through integration. Energy absorption capacities of test members are calculated by using the area under the load-displacement graphs. The maximum acceleration values that are obtained on each test specimen, the resulting displacements of the same points and the energy absorbed by the pipe-protective layer systems are given in Table 4. The measured acceleration-time histories and the calculated load-displacement relationships are presented at Figure 5 and Figure 6, respectively.
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Optical photocell for measuring impact velocity Impactor (weight: 5.25 kg) Dynamic load cell for masuring impact load Test setup dimension with 1000x500x400 mm Test Specimen (Pipe diameter: 220 mm) 130 mm 220 mm 50 mm Figure 4. Test Setup and Intrumentation



Table 4. Experimental Results Displacements at Test Ratio* Max. Acce. Ratio** No Point (mm) 1(Refencence) 556.76 1.00 1.9317 1.00 2(Protec. Str.) 14.28 38.99 0.7624 2.53 3(Protec. Str.) 25.52 21.82 0.7872 2.45 4(Protec. Str.) 58.78 9.47 1.3884 1.39 * Ratio of Specimen 1 maximum acceleration to first four specimens. ** Ratio of Specimen 1 maximum displacement to first four specimens. *** Ratio of Specimen 1 energy to first four specimens. Maximum Accerelation (g)



Absorbed Impact Energy (j)



Ratio***



4.067 0.7954 0.8708 0.8986



1.00 5.11 4.67 4.53



During the experiments, the largest value of acceleration was recorded as 556.76 g on the steel pipe without any protective system on it. This high acceleration value is an indication of the potential threat posed by rock falls on pipe systems, especially when there is no mitigation measure. The corresponding maximum displacement at the point on the pipe where the accelerometer is located was 1.932 mm. It should be noted that the displacement at the top point of the pipe where the impact load was applied could easily exceed this value, resulting in damage to the connection points or the pipe itself. A displacement of this magnitude on a 1000 mm long pipe corresponds to a relative deformation ratio of about 1/500, which is a rather large value. For this test specimen, i.e., Test Specimen 1, the energy absorption capacity was determined to be 4.067 Joule.
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a) Specimen-1



b) Specimen-2



c) Specimen-3



d) Specimen-4



Figure 5. Measured Accerelation-Time Graphs of Specimens
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c) Specimen-3 d) Specimen-4 Figure 6. Impact Load - Displacement Graphs of Specimens Test specimens 2, 3 and 4 are constructed by placing 130 mm thick protective layers of sand with a single layer of geotextile, with a single layer of geogrid and without any geosynthetic layer on the pipes, respectively. The maximum accelerations were measured as 14.28 g, 25.52 g and 58.78 g on test specimens 2, 3, and 4, respectively. Thus, the maximum acceleration on test specimen 4 was 2.3 and 4.1 times larger than that measured on test specimens 2 and 3, respectively. These measurements clearly illustrate that the utilization of geosynthetic layers as well as their type has a significant effect on the accelerations, thus forces, transmitted to the pipes. Among the test specimens where a protective measure was taken, the largest reduction in the maximum acceleration compared to the reference specimen was obtained for test specimen 2, on which a layer of geotextile was utilized. For this specimen, the maximum acceleration is about 1.8 times smaller than that of specimen 3, where a geogrid layer within the sand was used instead. Note that a 23.4 fold reduction in the acceleration was measured in test specimen 2, compared to the reference test specimen without any protection. This significantly high value is a very important indicator for the effectiveness of the layered protective systems employed in this study For the tests where a protective measure on the pipes is utilized, the maximum displacements ranged between 0.7624 mm and 1.3884 mm. As expected from the discussions above, the minimum displacement was obtained for test specimen 2, where sand reinforced with a layer of geotextile was used, whereas the maximum displacement belongs to the case where only the sand layer was in place. The maximum displacement experienced by test specimen 2 was 3% and 82% less than those for test specimen 3, the one with the geogrid layer, and test specimen 4. On average, the maximum displacements observed for systems with protective measures were 97% smaller than that estimated for the reference steel pipe test specimen. Thus, the use of protective measures has resulted in a significant amount of reduction not only in the measured accelerations but also in the displacements for the pipes. For the test specimens with protective layers, similar amounts of energy absorption capacities by the pipes were calculated with an average of 0.8549 Joule. This is 4.8 times smaller than that was calculated for the reference test specimen 1. The difference was adsorbed by the protective layers, since the weight and the free fall height is the same in all the impact tests. The results indicate that the protective layer systems, employed in the current study have a significant energy adsorption capacity for impact loads. Note that the system with the geotextile reinforced sand layer as the protective measure demonstrated the highest capability of energy absorption. Conclusions In this study, the performance of three protective system designs for pipe structures under impact loads was investigated. Within this context, series of free-fall impact load tests were carried on steel pipes with and without protective layers. In this study, the performance of three protective system designs for pipe structures under impact loads was investigated. Within this context, series of free-fall impact load tests
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were carried on steel and composite pipes with and without protective layers. The main findings of these studies are summarized below:  The large values of measured accelerations, calculated displacements and transmitted energy amounts on the reference experiments, where no protective layer was incorporated on the pipes, indicate the potential threat posed by rock falls on pipe systems, especially when there is no mitigation measure. The observed significant reduction of these quantities on the protected pipe systems illustrates clearly the effectiveness of the protective systems examined in this study.  Although all three protective systems found to be successful in improving the behavior of pipes under impact loads, the best performance was achieved when the sand was reinforced with a layer of geotextile. This best performance was characterized by the highest amounts of reduction in the acceleration and displacement as well as the transmitted impact energy values for the steel pipes.  When the remaining two protective systems are considered, the result of this study indicates that the placement of a single layer of geogrid within the sand layer is an effective way to improve the performance of pipes under dynamic loads. References [1] Pichler, B., Hellmich, C., Mang, H.A., and Eberhardsteiner, J. (2006). “Loading of a Gravel-Buried Steel Pipe Subjected to Rockfall.” Journal of Geotechnical and Geoenvironmental Engineering, 132(11), 1465-1473. [2] Pichler, B., Hellmich, C., and Mang, H. A. (2005). “Impact of rocks onto gravel-design and evaluation of experiments.” Int. J. Impact Eng., 31(5), 559–578. [3] Yang, J.L., Lu, G.Y., Yu, T.X., and Reid, S.R. (2009). “Experimental study and numerical simulation of pipe-on-pipe impact.” International Journal of Impact Engineering 36, 1259–1268. [4] Palmer, A., Touhey, M., Holder, S., Anderson, M., and Booth, S., (2006). “Full-scale impact tests on pipelines.” International Journal of Impact Engineering, 32, 1267–1283. [5] Jones, N., and Birch, R.S., (2010). “Low-velocity impact of pressurised pipelines.” International Journal of Impact Engineering, 37, 207–219. [6] Tafreshi, S.N.M., and Khalaj, O,. (2011), “Analysis of repeated-load laboratory tests on buried plastic pipes in sand.” Soil Dynamics and Earthquake Engineering, 31, 1–15. [7] Gning, P.B., Tarfaoui, M., Collombet, F., Riou, L., and Davies, P. (2005). “Damage development in thick composite tubes under impact loading and influence on implosion pressure: experimental observations.” Composites: Part B, 36, 306–318. [8] Shah, Q.H., (2011). “Experimental and numerical study on the orthogonal and oblique impact on water filled pipes.” International Journal of Impact Engineering, 1-9, doi:10.1016/j.ijimpeng.2010.12.001 (In press). [9] Mougin, J.P., Perrotin, P., Mommessin, M., Tonnelo, J., and Agbossou, A., (2005). “Rock fall impact on reinforced concrete slab: an experimental approach.” International Journal of Impact Engineering, 31, 169–183. [10] Bhatti, A.Q., and Kishi, N., (2010). “Impact response of RC rock-shed girder with sand cushion under falling load”, Nuclear Engineering and Design, 240, 2626–263
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Experimental Characterization of collapsible soils



LAOUAR Med Salah1 [email protected] 1Department of Civil Engineering, University of Tebessa, Algeria



Abstract The soils of arid and semi arid regions are metastable, of a weak opened structure, unsaturated nature, being in the deposits form. In the dry state, a natural cementation between grains confers them an important intergranular liaison and can support very high loads. However, the saturation, even without an additional load provokes the liaisons disintegration, giving a dense structure followed by a sudden collapse of the soil particles. Among the saturation causes, there is the groundwater level rising, the water infiltration and leaks in pipes. Because of the important collapse potential and critical consequences that can occur in the constructions, this type of soils is considered as unstable foundations seat. Experimental and theoretical studies aiming to understanding the great number of uncertainties implied in the phenomenon of collapse are currently undertaken. The literature revealed that the majority of research was devoted to the collapse mechanisms and the identification methods, of treatment and prediction. Because of the structural composition of these soils, reconstituted samples, made up of various proportions of sand and fine particles were tested. The first phase of the present investigation concerns the experimental determination of the geotechnical characteristics. A comprehensive testing program using the ultrasonic apparatus and the cone penetrometer was carried out, in order to identify the factors which control the collapse mechanism. The results obtained clearly show the influence of certain parameters such as; initial moisture content, the energy of compaction and the quantity of fine particles, on the collapse potential, limit penetration and the ultrasonic.
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Introduction The collapsible soils are metastable soils of loose open structure, unsaturated nature, being in deposits form. In the dry state, a natural cementing between the grains confers an main inter-granular connection and can support very high loads. However, the saturation, even without additional loading, causes the disintegration of the connections giving a denser structure followed by a sudden collapse of the soil particles. Among the causes of saturation there is the raise of the ground water, water infiltration by the top and canalization leaks. Because of the important collapse potentials and serious consequences which can occur in the construction, this type of soil is considered unstable as foundations sit. These soils are mostly localized in the arid and semi arid region. They relate to a significant number of countries in particular those of the northern hemisphere located between the 30th and 55th parallels as well as countries of South America [1].The cycles of prolonged dryness which occurred these last years on several occasions and in several regions of the world modify the parameters governing the behavior of the soil and give rise to new collapsible soils zones. The following are considered as collapsible soils: the alluvial and eolian deposits, flows mud, residual grounds, volcanoes rejections, loesses, and embankments slightly compacted or compacted in the dry slope of the compaction curve. The collapse of Cheria 2009 in Eastern of Algeria constitutes a good example, where a great collapse was recorded, in which tens of constructions were inserted of more than two meters and half in the ground. While waiting to achieve measurements of the technical expertise, the preliminary report charges this catastrophe to a movement in the ground water. A geotechnical study made by LNHC Batna[2] within the scope of the realization of a natural gas station in Hassi Messaoud shows that the site is composed of two layers of collapsible nature, the adopted solution is substituting the first layer and taking measures to avoid the infiltration of water to the second layer. In addition, degradations that several residence buildings underwent in Biskra are due to the water infiltrations[3].A building of three floors with Xining, Qinghai, was destroyed beyond repair because of collapse[4].This problem occurs because the loess beneath the foundations undergoes a structural collapse when it is flooded. Experimental and theoretical studies aiming to understanding the great number of uncertainties implied in the phenomenon of collapse are currently undertaken. The literature revealed that the majority of research was devoted to the collapse mechanisms and the identification methods, of treatment and prediction. Dudley [5] qualitatively described that the collapse phenomenon for cemented structures does not depend on dampness, it occurs only when the cementing connections are broken by mechanical constraints. In revenge, if the ground is a mixture of grains and fine particles which induce important connections due to suction or cementing, dampness lead to the cancellation of suction what decreases cohesion and supports collapse. This result was confirmed by Cui and Magnum [6]. Morgenstern and De Matos [7], Ganeshan [8] affirmed that the cause of collapse lies in the low water contents. Booth [9], Ting [10] and Ganeshan [8] explained that collapse depends on the initial dry density, the void ratio and the degree of saturation. Marking [11] propose an interval of degree of saturation between 60 % and 65 % beyond which collapse does not appear any more. The same result is confirmed by Ganeshan [8]. Booth [9] and Lawton [12] observed that for a given dry density the overload which causes collapse is inverse proportion to the natural moisture content of the soil. The destruction of the capillary forces can explain the sudden collapse by flooding the ground [13]. The suctions developed in the clay connections can be different from those developed between the silt grains. Up to our days, there is no means to measure these differences [14]. The examination of the macroscopic and microscopic aspects of the sudden collapse is recommended [15] .Abrupt collapse occurs when the dry density and the initial moisture content are low [16] - [17]. If the relative density is higher than 0.65 % and the moisture content is close to the optimum of Proctor there is no risk of collapse [18]. In spite of having a great range of ultrasonic equipment and a large use of this process in various fields, the literature reveals that, except geotechnical marine and some applications, little attention was granted to this technique in the soil mechanics. This experimental work presents the results of three series of tests. In addition to the compression tests, a series of tests using. The cone penetrometer and the first time of the original experimental, curves of the non-destructive tests with the ultrasounds are put in parallels, in the objective to propose a predicting method of the collapsible soils based on ultrasonic tests
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Characteristics of materials The tests were carried out on six reconstructed soils made up of sands and of kaolin in various proportions for which the application of the various criteria of collapse, reported by Ayadat and Bellili [19], shows that those are collapsible. Two types of sands lesser than 2 mm of diameter are used for the soils reconstruction; sand of Dunes of Oum Ali region and sand of stream extracted from Melag stream of El Aouinet region washed and dried at 105 °C during 24 hours. In view of the small percentage of fine particles that they contain, these two types of sands are used for the concretes making. The kaolin used (


Sand of Dunes



Sand of Stream



Kaolin



Reconstructed Soils Label % Kaolin % Sands of dunes % Sands of stream GS wL % wP % d max wopt % %


Characteristics Sand equivalent: 73.26 %. Grain size distribution ranged between 0.08 and 2 mm with 1.36% of particles < 80 µm. Coefficient of uniformity: 3.91 Coefficient of curvature: 1.33 Sand equivalent: 68.69 % Grain size distribution ranged between 0.08 and 2 mm with 3.01% of particles < 80 µm Coefficient of uniformity: 2.19 Coefficient of curvature: 0.94 %< 2 µm 43 % Liquid limit: 65.83 % Plastic limit: 39.64 % Specific density of grains Gs2.42



S1 15 85 2.65 16.47 11.03 2.04 8.62 4.91



S2 35 65 2.59 26.63 5.37 1.95 9.43 1.73



S3 50 50 2.46 35.37 20.87 1.84 13.88 16.74



S4 20 80 2.62 18.47 11.95 1.95 12.82 7.03



S5 30 70 2.56 28.97 14.77 1.82 14.67 9.84



S6 40 60 2.48 33.42 19.03 1.75 1 7..82 1 4.12
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Fig. 1.Grains Size Distribution Curves (Soils 1, 2, and 3)
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Fig.2.Grains Size Distribution Curves (Soils 4, 5, and 6)



Characteristics of Consistency of the Soils The literature revealed that a soil is expected to collapse if at least, one of the following criteria is checked [20]: AC1, IW1. The results presented in Tables II, shows that these soils are expected to collapse and that the characteristics of consistency of the reconstructed soils depend basically on the initial moisture content. TABLE II CHARACTERISTICS OF CONSISTENCY OF SOILS Soi l w0 AC IP IL IC IW



Soil 1 2 1.11 5.44 1.6 6 2.6 6 0.3 7



Soil 2 4



6



8



1.2 9 2.2 9 0.7 3



0.9 2 1.9 2 1.1 0



0.5 6 1.5 6 1.4 7



2 0.96 11.26 1.1 9 2.1 9 0.1 8



Soil 3 4



6



8



1.0 1 2.0 1 0.3 5



0.8 3 1.8 3 0.5 3



0.6 5 1.6 5 0.7 1



2 0.87 14.50 1.3 0 2.3 0 0.1 4



4



6



8



1.1 6 2.1 6 0.2 7



1.0 2 2.0 2 0.4 1



0.8 9 1.8 9 0.5 5
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Soi l w0 AC IP IL IC IW



Soil 4 2 0.93 6.52 1.5 3 2.5 3 0.3 1



Soil 5 4



6



8



1.2 2 2.2 2 0.6 1



0.9 1 1.9 1 0.9 2



0.6 1 1.6 1 1.2 3



2 1.44 14.20 0.9 0 1.9 0 0.1 4



Soil 6 4



6



8



0.7 6 1.7 6 0.2 8



0.6 2 1.6 2 0.4 2



0.4 8 1.4 8 0.5 6



2 1.02 14.39 1.1 8 2.1 8 0.1 4



4



6



8



1.0 4 2.0 4 0.2 8



0.9 0 1.9 0 0.4 2



0.7 7 1.7 7 0.5 5



Used Materials Oedometric Tests The odometer of which essential elements are an Odometer Mold of 50.4 mm diameter and 20 mm height, a frame of consolidation of lever arm of 1/10, and a set of weight. The compaction tampers (Fig.3) which is conceived especially at the laboratory for the compaction of the soil in the odometer ring. Entirely manufactured of steel, it is consists of a Base of 48.42 mm diameter and 3mm thickness attached to a column of guidance of 280 mm length, through which a piston slips. A sliding stopper along the rod makes it possible to adjust drop height of the hammer, and a Hammer in circular shape of dish of 84.422 mm diameter and 8.40 mm thickness. Its weight is de121g, having a centered drilling of 8.45 mm diameter.



Fig. 3.Compaction Tampers Penetration Tests The manual cone penetrometer (Fig. 4) is made up of a Stainless steel cone, 30 degrees of opening surmounted of a rod. The weight of the mobile system is of 80 g, a Comparator of 36 mm/0.01 mm, and a Metal dish of 53 mm diameter and 36.4 mm height, its mass is about 56.2g.
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Fig. 4.cone penetrometer Ultrasonic Tests Equipment (Fig. 5) includes an Analyzer for velocity measurement of the ultrasonic waves, a Calibration bar, a Set of two transducers of 54 kHz with cables, acting differently as transmitter or receiver, and a Paste pot of contact.



Fig. 5.Ultrasonic Analyzer



Tests program Three series of principal tests were carried out on six reconstructed soils; Table III illustrates the program of these tests. TABLE III TESTS PROGRAM Test Type



Selected Parameters



Oedometric Tests



Moisture contents: 2%, 4%, 6% and 8%. Compaction degrees: 10, 25, 40 and 60 blows. Moisture contents: 2%, 4%, 6%, 8%, 10%, 12% and 14%. Compaction degrees: 10, 25, 40 and 60 blows. Moisture contents: 2%, 4%, 6% and 8%. Compaction degrees: 10, 25, 40 and 60 blows.



Penetration Tests



Ultrasonic Tests



Tes t # 96



Observation Realized according to Jennings and Knight procedure.
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Tests procedure and realization Oedometric Tests The test soil consists of sand and kaolin according to proportions mentioned above. The soil is brought to the required moisture content by addition of distilled water; the set soil-water must be well homogenized in a porcelain mortar. The mix of soil is then poured in the mold of the odometer then compacted using the compaction Tamper. The compaction of the soil consists in dropping the hammer which slides through the rod of the Tamper a height H = 15 cm, which will strike the dish that transmits the shock to the specimen. To make it perfectly plane, the higher face of the sample must be leveled using a rigid blade. The compression tests with the odometer are made according to Jennings and Knight Procedure [21] which consists to succeeding application of the following loads: 25, 50, 100, and 200 kPa. Then, proceeding to the flood of the sample and recording the new settlement value, afterward increasing the loading up to 400 kPa. During the test the readings of settlement are noted at 15s, 30s, 1min, 2min, 5min, 10min and 24h. Penetration Tests They are achieved with a cone penetrometer provided with a metal dish. The soils reconstruction, the mix filling and the compaction in the dish are carried out same manner as for the compression tests. The cone with its rod is placed in contact with the upper face of the soil sample. The penetration of the cone in the soil is measured with the comparator. The Δh penetrations of the cone are carried forward relating to the selected parameters. Ultrasonic Tests This series of tests starts with the calibration of the analyzer, by measuring the speed transmission of the wave through the calibration bar. One measures the velocity of an ultrasonic wave train, which crosses soil specimens, produced in the oedometric mold, according to the procedure of the compression tests. To guarantee a good transmission of the waves in the body of the specimen and before adjusting the system of measurement, one applies thin layers of contact grease to the two faces of the transducers (transmitter and receiver). On the screen of the analyzer are represented, the time or the transit speed of the wave, that according to the configuration of the analyzer. Tests results and interpretation The results of this experimental work are presented in two parts; the first concerns the standard tests (Tables I and II) (characteristics of materials and characteristics of consistency), necessary to the geotechnical identification of used materials and the reconstructed soils. The second is distributed as follows: Oedometric Tests Depiction of the collapse of the soil The variation of the moisture contents and energies of compaction are made in the purpose to check whether these soils have the properties of collapsible soils. The variation of moisture content and energies of compaction allow controlling the collapse potential. Curves obtained are similar to that of Knight as shown in Figures 6 and 7. The collapse potential CP (%) is calculated by the relation: CP =



ec 100% 1  e0



(1)



ec = e1 (200 kPa) - e2 (200 kPa, flooded) e0 : Initial void ratio. The results of these tests show that the collapse potential CP varies for; 187
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Soil S1: from 0.52 % to 7.54 % Soil S2: from 0.59 % to 8.34 % Soil S3: from 0.83 % to 8.92 % Soil S4: from 0.66 % to 7.61 % Soil S5: from 0.74 % to 7.84 % Soil S6: from 0.77 % to 7.90 %. According to the classification suggested by Jennings and Knight [16] (Table IV), these results correspond to the headings going from “No risk” to “Troubles”. TABLE IV CLASSIFICATION OF COLLAPSE POTENTIAL CP Degree of problem 0% to 1% No risk 1% to 5% Moderate Trouble 5% to 10% Trouble 10% to 20% Severe Trouble >20% Very severe Trouble



Fig. 6.Typical Oedometric curve of a collapsing soil (Knight and Jennings, 1975)
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Fig. 7.Oedometric Curve Soil 1 (E = 10 Blows) Influence of the water content and the energy of compaction The high collapse potentials are noted for low initial moisture contents. For a given initial water contents the collapse potential is decreasing with the increase in the energy of compaction (Fig. 8).The decrease of collapse is more obvious that the moisture content increases (Fig. 9). In the same conditions of compactness and moisture content of the soil containing the greatest percentage of kaolin exhibit greatest collapse potential. These results agree with those of Ayadat et al [20] and confirm the observations of Abbeche [23]. One can conclude that the reconstructed soils at the laboratory hold a similar behavior to those met in situ, therefore suitable for the series of tests suggested.
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Fig. 8.Collapse Potential versus number of blows (w0 = 6 %)
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Fig. 9.Variation of Collapse Potential with moisture content(E = 25 Blows) Penetration Tests Interpretation of the penetrations versus the initial moisture content w0 The moisture contents between w = 2 % and w = 8 % do not give a clear idea on the behavior of the studied soils; thus the increase in the water contents is increased up to 14 %. The curves obtained are divided into two slopes (Fig.10). In the first, collapse decreases gradually with the increase in the moisture content until a lower limit when the moisture content approaches the Proctor optimum. In the second slope one notes an opposite behavior in which collapse increases with the growth of the moisture content. Considering its speed and its convenience compared to the Proctor test, it can be more practical for the compaction projects of the collapsible soils to use the test of the cone penetrometer for the determination of the limit penetration and the corresponding moisture content which divide the penetration curve into two slopes, the first is dry and the second is wet. This is analogue to Proctor test that the optimum separates also the curves into two slopes, dry and wet. A similar performance is noted for all tested soils. One can deduce on collapsible soils, that there is an opposite relationship between the penetration test and the Proctor test, the first being used to determine the limit penetration and the second maximum dry density.
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Fig. 10.Variation of Penetration with moisture content (Soil 1) Interpretation of the penetrations versus wopt /w0



Penetration (mm)



Collapsible soils are characterized by the condition wopt /w0 >1, Holtz [24]. Analysis of the penetration curves versus the ratio wopt /w0, (Fig.11) confirm the existence of two distinct behaviors and separated by the line wopt /w0 = 1. On the left of this line, the penetration knows a gradual decrease for then growing in a roughly regular way as one moves away from the limit separating the collapsible soils (wopt /w0 >1) of the non collapsible soils. This limit corresponds to the limit penetration indicated by Plim. 12 11 10 9 8 7 6 5 4 3 2 1
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Fig. 11.Variation of Penetration with wopt /w0 (Soil 1) Interpretation of the penetrations versus γd/γs The same statement is visualized in the representation of the penetration against the ratio of density d/s, (Fig.12) gradual decrease of the penetration up to a limits value corresponding to the straight line separating the two states from soils for then knowing a phase of progressive increase with the growth of this ratio. Similarity of previous curves illustrates the existence of a similar behavior of the collapsible soils with respect to the penetration and that a limit characteristic value separates the collapsible soils of the non collapsible soils.
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Fig. 12.Variation of Penetration with d/s (Soil 5) Ultrasonic Tests Influence of the moisture content and the energy of compaction
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The results of the ultrasonic tests show that ultrasonic speed varies according to variation of the energy of compaction and/or moisture content the (Figures 13 and 14). For the same value of the energy of compaction, whatever the soil, the ultrasonic speed is increasing with the growth of the moisture content; 750 700 650
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Fig. 13. Variation of Ultrasonic Speed with number of blows (Soil 4) The growth of compaction contributes to the increase of speeds, especially when the moisture content comes close to the Proctor optimum. Let us note that curves corresponding to 60 blows present more important speed values compared to other energies of compaction, especially with the increase in the moisture contents. This proves a good state of compactness due to the humidification and the rearrangement of the grains; it is the case of non collapsible soils.
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Fig. 14.Variation of Ultrasonic Speed with Moisture Content (Soil 1) Prediction of Collapse by Ultrasonic Test
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Figures 15 and 16 concretize a vital relationship between ultrasonic speed and potential collapse; the decrease of one is synchronized with the increase of other. In Figure 15, curves have the same shape. They pass by three phases, in the beginning parallel straight lines representing an important fall of the CP with very close speed values. Then, two successive slopes of the curves are noted; in the first, a reduction of the CP corresponds to an increase speeds, in the second, the stabilization of collapse is explained by great values speeds and very close collapse potentials. The curves of collapse potential according to speed shows that the compaction and the water content take part with the reduction of collapse and the increase ultrasonic speeds. Fig 16 shows that the energy of compaction contributes more effectively than the water content to the reduction of collapse. For a higher energy of compaction, making the non collapsible soils, it is noted a low variation in the state of compactness soil, this for various proportion of water content, while speeds variation is more important. From these observations, values of ultrasonic speeds are compared against various water content and energy of compaction. Since the questioned soils have the possibility of collapsing when they are in a loose state; one propose prediction method of collapsible soils based on ultrasonic tests (non destroyed), fast and easy to realize. Values of ultrasonic speed are limited as follows: V ≤ 400 m/s → Collapse appears; 400 m/s < V < 1000 m/s → Collapse can occur. V >1000 m/s → Risk of Collapse is isolated. In the second case the susceptibility of collapse depends on the water content and the state on compactness on the soil. This procedure can be applied to the restructured or intact soil, at the laboratory and even on site. Considering its advantages, the results of the ultrasonic sounding can be generalized with the various types of collapsible soils such as the loesses and other unsaturated soils.
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Fig. 15.Variation of Collapse Potential with Ultrasonic Speed for w% (Soil 1)
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Fig. 16.Variation of Collapse Potential with Ultrasonic Speed for E (Soil 1) Relation limit penetration ultrasonic speed
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Results of the compression tests using the odometer show that the energy of compaction which corresponds to 60 blows makes the soils non collapsible, that whatever the percentage of the fine particles and the water content. This deduction agrees with the representation of the limit penetrations against the ultrasonic speeds (Fig.17), where it is noted that the reduction of limit penetrations is increasing with the increase of ultrasonic speeds. For energies of compaction varying between 10 and 40 blows, the soils remain likely to collapse and the lines have almost the same slope and the same tendency equations. A remarkable slope of these slopes is visualized by applying energy of compaction equal to 60 blows; what explains the existence of a similar behavior specific to the collapsible soils and which differed from the behavior of the non collapsible soils. 6 5.5 5 4.5 4 3.5 3 2.5 2 1.5 1 500 550 600 650 700 750 800 850 900
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Fig. 17.Variation of Limit Penetration with Ultrasonic Speed Conclusions The principal conclusions which one can draw from this study summarize as follows: The results obtained clearly show the influence of certain parameters such as; kaolin content, water content and energy of compaction on the collapse potential, the limit penetration and the ultrasonic speed. The collapse potential can be excessive if the initial water content is low. For water content lower than the optimum of Proctor, there is energy of compaction beyond which collapse does not occur. Possibility of using the cone penetrometer as identification means of the collapsible soils. What makes it possible to follow the evolution of collapse and to propose a limit penetration, separating the collapsible soils from the non collapsible soils. Proposal of a new experimental approach of prediction of collapsible soils based on ultrasonic tests, easy and fast. The results obtained depend on grains size distribution, state of compactness of the soil and water content. Ultrasonic speeds are limited as follows:
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V≤ 400 m/s, then collapse appears; V >1000 m/s, then the risk of collapse is isolated. Between these two limits collapse can occur, it depends on the water content and the state of compactness. The ultrasonic test can be carried out in the laboratory or in situ, on intact or altered samples of an unspecified form. References Abelev, M.Y.: (1988), Loess and its Engineering Problems in the USSR, Proc. of the Int conf. Engineering Problems of Regional Soils. Beijing, China. [2] LNHC.: (2000), Projet Extension des Gazoducs à Hassi Messaoud. Rapport de reconnaissance de sol. Laboratoire National de l’Habitat et de la Construction de Batna, Algérie. [3] CTC Biskra. : (2002), Intervention du directeur du CTC de Biskra. 2eme Colloque Maghrébin de Génie Civil, 10,11, Biskra, Algérie. [4] Qian, H. J. and Lin, Z.G.:(1988), Loess and its Engineering Problems in China .In: Proceeding of the International Conference Engineering Problems of Regional Soils. 136-153. Beijing, China. [5] Dudley, J. H.:(1970), Review of Collapsing Soils. Journal of Soil Mechanics and foundation div ASCE, 96, n° SM3. 925-947. [6] Cui, Y. J. and Magnan, J. P. :(2000), Affaissement locaux dus à l’infiltration d’eau en géomécanique environnementale. Chapitre n°6 « Risques naturels et patrimoine ». Ed Hermes. 139 – 164. [7] Morgenstern, N. and De Matos, M.M.:(1975), Stability of slopes in residual soils.proc.5th.Pan American conf .on soil Mech and Found Eng.3, pp.367-383. Buenos Aires, Argentina. [8] Ganeshan, V.:(1982), Strength and Collapse Characteristics of Compacted Residual Soils. Thesis (M.E), Asian Institute of Technology Bangkok Thailand. [9] Booth, A.R.: (1975), The Factors Influencing Collapse Settlement in Compacted Soils. Int Proceedings of the 6th Regional Conference for Africa on Soil Mechanics and Foundation Engineering. 57-63 Dublin, South Africa. [10] Ting, W. A.: (1979), Consolidation of a partilly saturated residual soil. Proc.6th Asian Reg. Conf. on soil Mech and found. Eng., vol.1, pp.95-98. Singapore [11] Markin, B. P.: (1969), Discussion on standard criteria of Sag in Loess soils. Soil Mechanics and Foundations Engineering, no 2, p.137. [12] Lawton, E. C., Fragaszi, R. J. and James, H. H.:(1989), Collapse of Compacted Clayey Sand. Journal of Geotech. Eng ASCE, Vol 155. n° 9 1252-1267. [13] Alonso, E. et al.:(1987), General report. proc. 9 th conf. Soil Mech.., pp.1087-1146. Dublin. [14] Fredlund, D. G. and Rahardjo, H.:(1993), Soil Mechanics for Unsaturated soils. New York .John xiley and sons, inc. [15] Feda, j.(1994), Mechanisms of collapse of soil Structure. In E Derbyshire(ed) Genisis and properties of collapsible soils. .NATO Series C. Mathematical and Physical Sciences Vol 468. Pp.149-172. Dordrecht: Kluwer. [16] Cui, Y. J. and Delage, P., Schlosser F. and Wonarowcz, M.:(1999), Etude du comportement volumique d’un lœss du nord de la France. Xlléme congrès Européen de Mécanique des sols et de Géotechnique. Vol 1 337-342. Amsterdam. [17] Loiseau, C., Cui, Y.J. and De Laure, E. : (2001), Etude du comportement des loess sur le tracé du TGV Est, rapport de recherche TERRASOL. [18] Abbeche, K., Hammoud, F. and Ayadat, T.: (2007), Influence of Relative Density and Clay Fraction on Soils Collapse. Experimental Unsaturated Soil Mechanics. Springer Proc in Physics.112, 3–9 [19] Ayadat, T. and Bellili, F.: (1995), Sols susceptibles d’affaissement: Identification mécanique et traitement. Revue Algérie Equipment, no20, p p.18-23. [20] . Ayadat, T. and Ouali. S.: (1999), Identification des sols affaissables basée sur les limites d’Attrerberg. Note Technique. Revue française de géotechnique. [21] Jennings, J. E. and Knight, K.: (1975), the Additional Settlement of Foundation due to Collapse of Sandy Soils on Wetting. In: Proceeding. 4th International Conference on Soil Mechanics and Foundation Engineering, 316-319. [1]



194



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Knight, K. and Jennings, J. E.:(1975), A guide to construction on or with materials exhibiting additional settlement due to collapse of grain-structure. Proc. 6th Regional Conf. For Africa on SMFE, pp99-105. Durban, South Africa. [23] Abbeche, K., Mokrani, L. and Boumekik, A.: (2005), Contribution à l’identification des sols effondrables. Revue Française de Géotechnique. 110, 85–90. [24] Holtz, W. and, Ghilf, J.W.:(1961), Settlement of Soil Foundation due to Saturation in: Proceeding 5th International Conference on Soil Mechanics and Foundation Engineering, Vol 3, 673-679. [22]



195



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Comparison between Gazetas’s Method and Finite Element Method for Study on the Effect of Side Wall in Settlement of Foundation with Different Depths
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Abstract The study of foundation settlement is an important issue in geotechnical engineering. There are different factors which are effective on the settlement of foundation; one of them is the depth of foundation, on the other hand, when the side wall exists, effects the settlement rate in comparison to the foundation without any side wall. Gazetas et al. (1985) presented an equation to estimate the elastic (immediate) settlement in regard to the three factors containing shape, embedment (trench) and side wall. The application of finite element method can be greatly used to assess the foundation settlement accurately. In this study, Gazetas’s method and the finite element method by using Plaxis 3D Foundation software are applied to analyze the foundation settlement were it has different depths as well as analyzing cases with or without side wall. Finally, the results obtained from both methods are compared resulting in the assessment of the performance of both methods. The results of both methods are proved that the settlement rate of foundation with side wall is less than that without a side wall. The results also show that by deepening the foundation, we will observe a reduction in the settlement rate. Keywords: Foundation, Settlement, Finite Element, Gazetas, Side Wall
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Introduction The settlement of shallow foundations should be considered as one of the main reasons for financial and human losses in civil engineering projects. The settlement of shallow foundations may occur in one of the three segments including immediate or elastic settlement, primary consolidation settlement, and secondary consolidation settlement (creep). The elastic settlement of shallow foundations can be calculated by using the theory of elasticity. Of course, it should be noticed that in the elastic equations, the factors of the shape of footing and the depth of embedment are disregarded in this theory [1]. The depth of embedment of the foundation noticeably affects the rate of settlement. In comparison with a surface footing, an embedded foundation can be affected by the following factors: 1. In general, the soil stiffness increases as the footing becomes deeper; consequently, the load imposed on the footing will be transmitted to a stiffer soil, which, in turn, decreases the rate of settlement [1]. 2. As Eden (1974) and Gazetas and Stokoe (1991) presented, the normal stresses from the soil above the footing level increase the confinement on the deforming half-space and, consequently, lead to the decrease of settlement, known as the trench effect or embedment effect [2,3]. 3. Part of the imposed load by the footing may be transmitted through the side walls, which, also, depends on shear resistance mobilized at the soil-wall interface. This factor, also, causes the vertical settlement to decrease, known as the side wall-soil contact effect [1]. In this paper, the finite element method (FEM) and Gazetas’s method are used to calculate the immediate settlement of shallow foundations and their results are compared with regard to the existence of side wall and without side wall. Immediate Settlement Calculation based on Gazetas’s Formula Gazetas et al. (1985) presented their formula for the calculation of elastic settlement of rigid footing with different shapes in homogeneous soil, which is as follows [4]. (1) Where P is total vertical load, Eu is the undrained elastic modulus of the soil, L is one-half the length of a circumscribed rectangle, νu is Poisson’s ratio for the undrained condition, and µs, µemb, and µwall are shape, embedment (trench), and side wall factors, respectively. They are calculated as follows [4]. (2)



(3)



(4) Ab is the actual area of the base of the foundation and Aw is the actual area of the wall in contact with the embedded portion of the footing. As shown in Figure 1, the width and length of the circumscribed rectangle are equal to 2B and 2L, respectively.
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Figure 1. Geometry to calculate elastic settlement of shallow footings (Budhu, 2000) The dimensionless shape parameter, Ab/4L2, has the values for common footing geometry shown in Table 1. Table 1. Values of Ab/4L2 for Common Footing Shapes Footing shape Square Rectangle Circle Strip



1 B/L 0.785 0



In the Equation (1), Eu can be obtained through the undrained triaxial tests. Eu changes as the footing depth changes, but for multi-layer soil, a weighted harmonic mean value of Eu is applied. The studied footing was 20 meters long and 10 meters wide, and the thickness of the wall was 0.5 meter. The properties of the materials used in the considered footing and side wall are presented in Table 2. It should be noticed that these materials considered in type of isotropic. Table 2. The Properties of Materials used in the Modeled Footing and Side Wall Elastic Modulus, E Density, γ Shear Modulus, G Poisson’s Ratio, ν (kN/m2) (kN/m3) (kN/m2) 1e07 24 4.167e06 0.2 The considered soil, also, had the geotechnical properties presented in Table 3. Table 3. The Geotechnical Properties of the Modeled Soil Elastic Unsaturated Saturated Modulus, E Density, γunsat Density, γsat (kN/m2) (kN/m3) (kN/m3) 1e04 18 19



Cohesion, c (kN/m2) 40



Frictional Angle, φ (Degree) 30



Poisson’s Ratio, ν 0.3
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The settlement calculations based on Gazetas’s formula for the footings being 2, 3, 4 and 5 meters deep with and without side wall are presented in Tables 4 and 5. Table 4. Settlement of Footing with Side Wall Calculated based on Gazetas’s Formula Depth Shape Factor, µs Embedment Factor, µemb Side Wall Factor, µwall (m) 2 0.5856 0.732 0.878571 3 0.5856 0.598 0.848849 4 0.5856 0.464 0.823446 5 0.5856 0.33 0.800837



Settlement (m) 0.205627768 0.162302553 0.122164987 0.084499012



Table 5. Settlement of Footing without Side Wall Calculated based on Gazetas’s Formula Depth Shape Factor, µs Embedment Factor, µemb Side Wall Factor, µwall (m) 2 0.5856 0.732 1 3 0.5856 0.598 1 4 0.5856 0.464 1 5 0.5856 0.33 1



Settlement (m) 0.234047923 0.191203085 0.148358246 0.105513408



Immediate Settlement Calculation using FEM The basic conception of the FEM indicates that each continuous field variable, e.g. velocity, stress, pressure or temperature can be approximated by a discrete model, composed of a set of piecewise continuous field variables defined over a finite number of subdomains. In the FEM, the given models are divided to rupture shapes, called elements. Plaxis is a computer program based on the FEM and intended for 2-dimensional and 3-dimensional geotechnical analysis of deformation and stability of soil structures, as well as groundwater and heat flow, in geo-engineering applications such as excavation, foundations, embankments and tunnels. In Plaxis software, different advanced models considered for the soil and rock behavior modeling. These models and their applications are briefly explained below [5]. Linear elastic: This is the simplest model in this software, which is defined by using the two parameters including Young’s modulus and Poisson’s ratio. The linear elastic model can be used to modeling the behavior of stiff structures located in soil, like steel or concrete linings; however, it cannot be considered suitable for soil itself. Mohr-Coulomb: This is a nonlinear model but strong and simple, which can introduce an appropriate behavior of soil and rock. The elastic-absolute plastic behavior can be identified based on five parameters including Young’s modulus, Poisson’s ratio, cohesion, friction angle and dilation angle. The dilation angle is used for modeling the soil volume increase (e.g., dense sand). Soft soil creep model: This model is formulized based on viscoplastic behavior, and includes soil diachronic changes such as creep and the secondary compression; therefore, it can be effectively used in long term loading like the soil under foundations, but cannot be efficient in unloading activities like tunneling. Hardening soil model: This model which is more advanced in comparison with Mohr-Coulomb model is considered as a hyperbolic model of elasto-plastic type, which is formulized based on frictional hardening. In spite of elastic-absolute plastic models, the yield surface of hardening model is not fixed in the space of principal stresses, and can be expanded due to plastic strain. This model’s parameters are similar to those of Mohr-Coulomb model. The only difference is that in this model, the soil hardness is considered more accurate in three conditions including oedometer loading, triaxial loading and unloading (reloading) in the reference confining stress. In this study, three-dimensional elements were applied by using Plaxis 3D Foundation software to study the rate of immediate settlement of foundation with different depths. The geotechnical properties of modeled soil are presented in Table 2. After the mesh generating of the model, at the stage of initial conditions, the level of groundwater was set at the level of ground surface, then, having modeled, the calculations were carried out. The stage of
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calculations comprises four phases include excavation, side wall setting, foundation, and loading. It is necessary to mention that the stage of side wall setting was removed when there was no side wall. The desired point for determining of settlement in software was set at the center of foundation, then, the calculations were carried out. Figure 2, as a sample, shows the vertical displacements arising from exerting the pressure of 6000 kN/m2 in the center of foundation at the five meter depth with side wall. This procedure was carried out for 2, 3 and 4 meter deep foundations, and the rate of settlement occurring in the center of foundation was recorded. In all cases, the thickness of side wall was 0.5 meter.



Figure 2. Vertical displacements resulting from 5 meter deep foundation with side wall Similarly, for the cases where the side wall did not exist, the vertical displacements were calculated, which are presented in Figure 3, as a sample, at the five meter depth. In all foundations being 2, 3, 4 and 5 meter deep, the thickness of both the side wall and the foundations was 0.5 meter.



Figure 3. Vertical displacements resulting from 5 meter deep foundation without side wall
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After the analyses had been done by using Plaxis 3D Foundation software, the rates of settlement occurring in center of foundation with and without side wall were calculated, which are presented in Table 6. Table 6. Settlement of Footing with and without Side Wall Calculated using FEM Settlement Depth (m) (m) With Side Wall Without Side Wall 2 0.670 0.806 3 0.619 0.792 4 0.593 0.772 5 0.583 0.753 Results After the settlement calculation had been done, the results obtained from the two mentioned methods were compared and results are introduced in the diagrams of the Figures 4 and 5.



Figure 4. Settlement of Footing with Side Wall Calculated using Gazetas’s Formula and FEM
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Figure 5. Settlement of Footing without Side Wall Calculated using Gazetas’s Formula and FEM Conclusions Since the settlement of shallow foundations in civil engineering projects leads to human and financial losses, this rate of settlement should be estimated by using different methods. Moreover, we should try to apply effective technics to decrease the rate of settlement. Consequently, in this paper, the effect of the side wall and the depth of foundation were studied by applying the two aforesaid methods to find out the rate of settlement. According to the calculation carried out by using Gazetas’s formula and the FEM, we observed that, in both methods, the rate of settlement decreased when the side wall existed in contrast with the cases when the side wall did not exist. Furthermore, by increasing the depth of foundation, the rate of settlement reduced. In addition, there was a noticeable difference between the rate of settlement estimated by applying Gazetas’s formula and that calculated by using FEM. The Figures 4 and 5, compare the rates of foundation settlement of these two methods. References [1] Budhu, M. (2000), “Soil Mechanics and Foundations”, 1st edn., Wiley, New York, United States. [2] Eden, S.M. (1974), “Influence of Shape and Embedment on Dynamic Foundation Response”, Ph.D. Thesis, University of Massachusetts, United States. [3] Gazetas, G. & Stokoe, K.H. (1991), “Free vibration of embedded foundations: theory versus experiment”, Journal of Geotechnical Engineering, 117(9), 1362-1381. [4] Gazetas, G., Tassoulas, J.L., Dobry, R. & O’Rourke, M.J. (1985), “Elastic settlement of arbitrarily shaped foundations embedded in half-space”, Geotechnique, 35(2), 339-346. [5] Brinkgreve, R.B.J. & Broere, W. (2004), “Plaxis 3D Foundation Manual, Ver. 1.6”, A.A. Balkema Publishers.
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ABSTRACT Retaining walls are constructed to resist lateral earth pressure for slopes. A retaining wall design consists of determining lateral pressures acting on the wall and stability checks for overturning, sliding and bearing capacity. Dynamic loads can act to the wall and cause displacement and stability failures in the earthquake zone of Turkey. In this study, behavior of cantilever retaining walls under static and dynamic loads is investigated. For this purpose, design parameters of the wall are determined. The dimensions of the wall are found and the models are analyzed statically by using Plaxis 2D and Sta4CAD. And then, dynamic behavior is investigated by using Plaxis 2D Dynamic Module. The results of the models are compared and behavior of the saturated clays under earthquake loads is determined. KEYWORDS: Cantilever Retaining Wall, Dynamic Load, Plaxis 2D, Sta4CAD
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INTRODUCTION Retaining walls are constructed to resist lateral earth pressure for slopes [1]. Types of retaining walls can be considered such as gravity, cantilever and counterfort retaining walls [2]. A retaining wall design consists of determining lateral pressures acting on the wall and stability checks for overturning, sliding and bearing capacity. There are different types of lateral earth pressure theories that use unit weight, friction angle and cohesion of the back soil. Rankine theory offers a simplification comparing with Coulomb theory and Culmann theory offers graphical solution [2]. Dynamic loads can act to the wall and cause displacement and stability failures in earthquake zones. Therefore new theories are improved to find earth pressure under earthquake forces. Especially MononobeOkabe equations are mostly preferred and in this theory earthquake forces are found by using earthquake acceleration in the coefficient of earth pressure [1]. Many researchers studied dynamic behavior of retaining walls in the literature. The studies show that wall displacements increase with increasing dynamic loads and decrease with friction angle, cohesion and elasticity modulus of the soil [3], [4], [5], [6]. Increasing of the retaining wall stiffness gives lower displacement so types of the wall like steel sheet pile, concrete diaphragm or rigid concrete wall affect the dynamic behavior [3], [7]. The subsoil of the wall also has a great effect on the wall movement and rotation [7]. If the periods of the soil and dynamic load coincide, amplification can occur and great displacements can be occur [3], [7]. The analysis using finite element method provide time and calculation advantages [8]. In this study, behavior of cantilever retaining walls under dynamic loads is investigated. Dynamic behavior is investigated by using Plaxis 2D Dynamic Module. At the end of the study, additional forces and displacements are found then recommendations are given for the proper and safe design in the earthquake zones. The results of the models are compared and behavior of the saturated clays under earthquake loads is determined. MATERIALS AND METHODS In this study; Plaxis 2D and Sta4CAD are performed to determine displacement and stability checks. Plaxis and Sta4CAD are commercially available finite element programs commonly used in civil engineering applications [9], [10]. Example screens of the models given in Figure 1 and Figure 2.



Figure 1. Example screen of Plaxis models
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Figure 2. Example screen of Sta4CAD models For the models, firstly design parameters of the walls are determined. Factor of safety is chosen minimum 2.0 for overturning, minimum 1.5 for sliding and minimum 3.0 for bearing capacity. Rankine active earth pressure theory is used due to high results in the earth pressure calculations. Therefore it causes safe design. Mayerhof theory is used for the bearing capacity calculations. Equations are given below. Ka = tan2 (45 - φ /2) Kp = tan 2 (45 + φ /2) Pa = 1/2 . . H2. Ka Pp = 1/2 . 2 . D2. Kp + 2c2 D√Kp FSOverturning = ΣMR/ΣMO FSSliding = ΣFR/ΣFS qu = cNcFcdFci + qNqFqdFqi + 1 / 2 FSBearing = qu/qmax



(1) (2) (3) (4)



2



B'N F dF



i



(5) (6) (7)



(8)



205



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Figure 3. Design parameters of the wall The heights of the wall are chosen as 5 m., 10m. and 15 meters. Design parameters are shown in Figure 3. Size of the walls and calculated earth pressures are given in Table 1.



Table 1. Design parameters of the wall Model No



1



2



3



H (m)



5



10



15



B (m)



4



9,5



12,5



D’ (m)



1,85



4



6,75



D (m)



0,75



1,5



2,5



x (m)



0,5



1



1,5



a (m)



0,5



1



1,5



b (m)



0,5



1



1,5



c (m)



3



7,5



9,5
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d (m)



0,25



0,5



1



u (m)



4,5



9



13,5



v (m)



0,5



1



1,5



y (m)



0,5



1



1,5



z (m)



0



0



0



FSO



2,15



3,03



2,33



FSS



1,50



1,55



1,50



FSB



8,31



9,26



8,22



Cohesion values are chosen 10.0 kN/m2, 20.0 kN/m2, 40.0 kN/m2 to identify the effects of the cohesion on the behavior of the wall. Some parameters of the soils are given in Table 2. Table 2. Properties of clay soil models Soil Type



Material Type



γsat (kN/m3)



ν



E (kN/m2)



c (kN/m2)



φ (°)



Very clay



Mohr-Coulomb, un-drained



17,00



0.20



2050



10



5



Soft clay



Mohr-Coulomb, un-drained



17,00



0.25



4050



20



5



Medium clay



Mohr-Coulomb, un-drained



17,00



0.30



5500



40



5



Sub-soil



Mohr-Coulomb, drained



20,00



0.25



30000



10



30



soft



For the analysis, retaining walls are designed as concrete members for displacements and some parameters of retaining walls are given in Table 3. Table 3. Parameters of walls in the models Model concrete element



member



Material Type



Unit (kN/m3)



Non-Porous



24.00



Weight



Elastic Modulus (kN/m3) 2E+7



Poisson’s Ratio 0.2



Earthquake records of the city of Van are used for dynamic analysis. Because the latest great earthquake is occurred in the city of Van in 2011 and its magnitude is Mw=7,2. Strong ground motion records are taken
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from United States Geological Survey’s (USGS) Earthquake Hazards Program official web site. An example screen of the earthquake is given in Figure 3.



Figure 4: Earthquake of the city of Van in 2011 RESULTS Displacements are found by analyzing the models statically and the results are given in Table 4. Results show that displacements increase with increasing the height of the wall. While consistency of clay is changing from very soft to medium the displacements are decreasing. And also, vertical displacements are very small because of the high safety factors in bearing capacity calculations. Table 4. Static Displacements Soil Type



Horizontal Displacements (cm) (cm)



Vertical Displacements (cm) (cm)



5



Very soft clay



0,24



0,01



5



Soft clay



0,24



0,01



5



Medium clay



0,24



0,01



10



Very soft clay



1,66



0,01



10



Soft clay



1,66



0,01



Wall Height (m)
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10



Medium clay



1,66



0,01



15



Very soft clay



2,39



0,01



15



Soft clay



2,39



0,01



15



Medium clay



2,39



0,01



Displacements are found by analyzing the models dynamically and the results are given in Table 5. An example screen of the model results can be seen in Figure 5. Results show that dynamic effects give similar behavior with static effects. Displacements increase with increasing height of the wall but decreasing with the cohesion.



Figure 5. Horizontal displacements for 5 meter wall in dynamic analysis Table 5. Dynamically Displacements Soil Type



Horizontal Displacements (cm) (cm)



Vertical Displacements (cm) (cm)



5



Very soft clay



27,3



18,3



5



Soft clay



27,1



15,0



5



Medium clay



26,9



15,0



10



Very soft clay



62,9



20,3



10



Soft clay



59,5



20,0



Wall Height (m)
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10



Medium clay



59,0



19,6



15



Very soft clay



Collapse



Collapse



15



Soft clay



Collapse



Collapse



15



Medium clay



Collapse



Collapse



Dynamic horizontal displacements increase approximately 20 times of static horizontal displacements and dynamic vertical displacements 15 times of static vertical displacements at the models of 5 meters wall height. Dynamic horizontal displacements increase approximately 25 times of static horizontal displacements and dynamic vertical displacements 20 times of static vertical displacements at the models of 10 meters wall height. Models having 15 meters wall height collapse due to insufficient wall size. DISCUSSION In this study, dynamic behavior of the cantilever wall is investigated by using Plaxis 2D Dynamic Module and Sta4CAD. The city of Van earthquake records are used for dynamic analysis. The results show that behavior of the saturated clay under earthquake loads changes with the cohesion values. And the displacements increase with the earthquake loads so engineers have to make dynamic analyses for safe and stable designs. After the dynamic analysis, if the displacements show higher values, necessary precautions should be considered. Especially, factor of safety values and wall sizes should be chosen higher for the horizontal displacements and soil improvements should be done under the wall for the vertical displacements. REFERENCES [1] Das, B.M. (1990). “Principles of Geotechnical Engineering”.Pws-Kent Publishing Co., USA. [2] Cernica, J.N. (1994). “Geotechnical Engineering: Foundation Design”. JW&Sons Inc, USA. [3] Akhlaghi, T., Hamidi, P., Nikkar, A. (2013). “Investigation of Dynamic Response of Cantilever Retaining Walls Using FEM”. Int. Journol of Basic Sciences & Applied Research, Vol. 2(6), pp657-663. [4] Veletsos, A.S, Younan, A.H. (1995). “Dynamic Soil Pressures on Vertical Walls”. Proc. 3rd Int. Conf. on Recent Adv. In Geotech. Earthquake Eng. and Soil Dyn., Vol. 3, pp.1589-1604. [5] Fishman, K.L, Richards, Jr. (1996). “Seismic Analysis And Model Studies of Bridge Abutments In: Prakash S., (Eds.)”, Analysis and Design Of Retaining Structures Against Earthquakes, ASCE. [6] Steedman, R.S, Zeng, X. (1996). “Rotation of Large Gravity Walls On Rigid Foundations Under Seismic Loading”, ASCE Geotech. Spec. Publ. No. 60. [7] Kramer, S.L. (1996). “Geotechnical Earthquake Engineering”. Prentice Hall, USA. [8] Santolo, A.S, Evangelista, A. (2011). “Dynamic Active Earth Pressure on Cantilever Retaining Walls”, Computer and Geotechnics, Vol. 38, pp.1041-1051. [9] Brinkgreve, R.B, Vermeer, P.A. (1998). “Plaxis Ver. 7.2 Manual Finite Element Code for Soil And Rock Analyses”, Balkema, Rotterdam. [10] www.sta.com.tr “Structural Analysis for Computer-Aided Design”.



210



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



An Investigation on the Correlations between Index Properties and Shear Strength of Fine-Grained Soils by Regression Analysis and Artificial Neural Networks (ANN): Adapazari, Turkey
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Abstract To determine the shear strength parameters of soils is very important for geotechnical engineering applications. In the analysis of many geotechnical engineering projects such as bearing capacity of shallow and deep foundations, slope stability and deep excavations, shear strength parameters of soils must be correctly estimated. Many researchers have been performed statistical studies on relationships between the shear strength and the index properties of soils. Recently, Artificial Neural Networks (ANN) which is capable of higher estimates compared to classical regression analysis has begun to take place frequently in geotechnical engineering practice. In this study, the relationships between the index properties and the shear strength of fine-grained soils have been investigated with multiple regression analysis and artificial neural network methods. For this purpose, experimental results belonging to the undisturbed samples obtained from drilling studies applied in Adapazari city borders are used. Firstly, the presence of relationships between the index properties (wn, IL, LL, PL, PI) and cohesion (c) of the undisturbed samples were investigated with regression analysis. In addition, the predictability of shear strength from the index properties was evaluated by using ANN. Consequently, ANN has provided acceptable results on determining the shear strength of fine-grained soils from index properties considering the local soil conditions in the study area. Keywords: Index properties, Shear strength, Adapazari, Regression analysis, Artificial Neural Networks (ANN).
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Introduction The undrained shear strength of fine grained soils is of great concern in geotechnical engineering applications, such as bearing capacity of shallow and deep foundations, slope stability and deep excavations. Shear strength parameters of soils must be obtained either through careful laboratory measurements or some in-situ tests. However, geotechnical engineers sometimes have to make important design decisions based upon inadequate or poor quality soil strength data. In such cases, the soil strength can be evaluated as a lower bound value or average value. The shear strength of fine grained is significantly affected by the water content. The shear strength decreases as the water content increases in fine grained soils. For example, the experimental studies reported in literature have shown that the undrained shear strength at the liquid limit for remoulded soils has to an average value of around 1.7 kN/m2 and the shear strength at the plastic limit can be taken as 100 times that at the liquid limit (i.e., 170 kN/m2) [1-10]. The undrained shear strength-water content relationship has a linear in a log-log plot [10]. This linearity in relationship has been used for formulation of an expression that gives the undrained shear strength of a remolded soil at any water content based on its plastic and liquid limits. Many empirical relationships between the undrained shear strength and water content have been reported in literature. The water contents are often related to the liquidity index (IL) by many researchers. These relationships are summarized by O’Kelly [11] in Table 1. The ratio of undrained shear strength of clay to overburden stress by many researchers have been correlated to plasticity index, liquidity index and liquid limit [12-14]. Table 1. The empirical relationships between the undrained shear strength and index properties Reference Wroth and Wood (1978)



Equation ( , in kPa)



Leroueil et al. (1983) Locat and Demers (1988) Hirata et al. (1990) Terzaghi et al. (1996) Yilmaz (2000) Koumoto and Houlsby (2001) NGI (2002) NGI (2002) Sharma and Bora (2003) Yang et al. (2006) Skempton (1957) Bjerrum and Simons (1960) Bjerrum and Simons (1960) Karlsson and Viberg (1967) The relationships given in Table 1 can be used for only remolded clays. Because of the enormous range between remolded and undisturbed undrained shear strengths, the undrained shear strength of undisturbed
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soils based on borehole samples can vary within fairly wide limits for different soil types and degrees of soil disturbance [15]. In this study, the relationships between the shear strength and the index properties of fine grained soils in Adapazari have been investigated with numerous undisturbed samples data which were obtained from many drilling studies applied in Adapazari. The data set contains the natural water content (wn), liquidity index (IL), liquid limit (LL), plastic limit (PL), plasticity index (PI) and the shear strength (cohesion, c). Firstly, the presences of relationships between the index properties and the shear strength of fine-grained soils have been investigated with multiple regression analysis. After that, the shear strength of fine-grained soils tried to be determined from the index properties by using artificial neural network (ANN) methods. The study area The city of Adapazari is located on the North Anatolian Fault (NAF), which is the largest and most active one in Turkey that has a high seismic risk (Figure 1) [16-18]. The study area is particularly founded on very deep alluvial deposits of the Sakarya River that flows through Adapazari valley. These deposits are consisting mostly gravel, sand, silt, silty and clayey sands, clay which are Quaternary aged.
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Figure 1. The location and geology of the study area Adapazari has been exposed to flood in many times by the Sakarya River. Therefore, new deposits are continuously accumulated at the study area. The geological history of the study area indicates that the surface soil of the area is consist of very young deposits which are developed in the recent 200 years. Some researchers claimed that the alluvial depth at this region might be as deep as 1000 m [19]. The underground water level is generally high to be about 1 - 3 m and more closer to the ground surface in rainy season. The Sakarya River has been quite affecting the region for many years. Consequently, the thick alluvial deposits have a lot of kind of ground layer. The ground generally has silt and clay series and gravel-sand-



213



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



silt series continuously follow the surface series. It is dominantly formed by gravely and silty sand with different densities and includes low plasticity silty and clay bandage at some places [20]. Although at some locations a 4 to 5 m thick layer of dense coarse sand or fine gravel lies between the surficial silt/silty sand layer and the deeper clay layers, many soil profiles are characterized as loose silts and silty sands in the upper 4 to 6 m which overlie stiff clay with some silty sand layers [21-24]. Due to the active tectonic deformations and fluvial deposition continuing during the geological periods from past to present, the study area has been formed by highly complex soil profiles. Multiple Regression and Correlation The relationships between the multiple independent variables (x1, x2, ........., xn) and a dependent variable (y) are examined in multiple regression. The regression function used here is below as, assuming that each independent variable has a linear relationship with dependent variable; (1) Benefiting from this function, an estimate of the real multiple relationship presumed to be between variables is done with the help of the following function. (2) For the coefficients calculation in this function, differences between the actual y values and theoretical values of y will be minimized by using the least squares method. (3) Each point has three coordinates and one surface can be calculated in a three variable model. Therefore the equation is not a line equation as shown in the above equation that is the least squares surface. Wherein the sums of squares of differences of distances between the actual y-values (y) and the theoretical y values will be made minimum. The three coefficients shall be calculated as follows by the least squares method [25]: ;



;



(4)



taking the form; (5) (6) (7) In this study, the relationships were examined by used "SPSS" package program in multiple linear regression analysis. The common effect on the dependent variables is examined with taking all variables in this method [26]. Artificial Neural Network (ANN) A neural network is composed of a large number of highly interconnected processors called neurons. The basic characteristics of neural networks are their capability to learn nonlinear functional relationships from examples and to discover patterns or regularities in data through self-organization. The neurons are arranged in a number of highly interconnected layers operating in parallel and connected to each other with
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weight factors. A network is usually trained using a large number of inputs with the corresponding output data. An ANNs architecture, as given in Figure 2, consists many simple processing neurons organized in a sequence of layers: input, intermediate (hidden), and output layers.



Figure 2. Schematic figures of an artificial neural-network Each input signal is then processed through a weighted sum of the inputs, and then the processed output signal is transmitted to another neuron with a transfer function or activation. An ANN is usually learns by example through training, where the network is presented with training cases consisting of input values together with the corresponding output (target) values. If the network is accurately trained, it has learned to model the unknown function that relates the input variables to the output variables, and can subsequently be used, by means of testing, to make predictions for a given set of previously unseen input patterns where the output values are not known. Until the error between the predicted and expected output values is minimized, the neural network learning process primarily involves the iterative modification of the connection weights. The neural network obtains the relationship embedded in the data through the presentation of examples, or training cases, and application of the learning rule [27-29]. Recently, ANNs are frequently using in the geotechnical engineering especially to solve complex problems effectively [30-34]. Most of ANN applications in the geotechnical engineering are based on the relatively simple backpropagation algorithm. In this algorithm, weight of the synapses and connection between neurons are modified in a way that the corresponding output of each input data gets closer to the desired value. In other words, the global error of the network gets minimized. The most common error function is sum-squared function [35]. Evaluation on the relationships of the fine grained soils In this study, the relationships between the index properties and the shear strength of fine-grained soils belonging to the Adapazari have been investigated with multiple regression analysis and different ANN models. The ANN models were developed for predict the shear strength of fine-grained soils. The data set were created from the archives of the Adapazari Municipality determined in many different laboratory experiments for many years and contains the index properties (wn, IL, LL, PL, PI) and the shear strength (c) of the Adapazari fine-grained soils. As shown in Table 1, many different empirical formulas have been developed by some researchers on the relationships between the index properties and the shear strength of fine-grained soils based on laboratory experiments. In this study, the relationships between the Adapazari fine-grained soils have been
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investigated by multiple regression analysis. The relationships were examined by used "SPSS" package program in multiple linear regression analysis. The independent variables are selected as the index properties (wn, IL, LL, PL and PI) and the dependent variable is selected as the shear strength (c) of the finegrained soils. The regression analyses were conducted for six different situations. Regression coefficients and empirical correlations were obtained belonging to this analysis for each situation. The results are shown in Table 2. Table 2. The relationships between the shear strength and index properties of fine grained soils obtained from multiple regression analysis in the study area Relations IL – c LL – PI – c wn – LL – c wn – PI – c wn – PL – c wn – LL – PL – PI – c



Empirical correlations c = 48.869 - (10.785) IL c = 44.056 - (0.095) LL + (0.182) PI c = 55.305 - (0.580) wn + (0.195) LL c = 58.283 - (0.533) wn + (0.204) PI c = 58.364 - (0.465) wn + (0.111) PL c = 56.105 - (0.571) wn + (562.31) LL - (562.17) PL - (562.10) PI



R2 0.229 0.067 0.246 0.243 0.208 0.247



In order to develop the artificial neural network (ANN) models, it is common practice to divide the available data into two subsets: a training set to construct the ANN model and an independent validation set to estimate model performance. The data set was divided randomly into two separate data sets—the training data set (70% of the total data set) and the testing data set (30% of the total data set). Feed-forward neural networks with back-propagation algorithms are the most widely used method [35]. Therefore, in this study a back-propagation algorithm was used during training. The training data set was used to train the ANN model with the help of a suitable algorithm and the testing data were used for testing the generalization capability of the ANN model. The feed forward back propagation training network models have been coded into a MATLAB program using neural network toolbox. The MATLAB software enables training with different convergence criteria, tolerance level, activation functions and number of epochs. The neural network models studied in this investigation uses transfer function "hyperbolic tangent function" as activation function. In order to minimize bias within the neural network for one feature over another, ideally a system designer wants the same range of values for each input feature. Data normalization can also speed up training time by starting the training process for each feature within same scale. It is especially useful for modeling applications where the inputs are generally on widely different scales. In this study, the data were normalized between +1 and -1 as below; Xi =(2(Xmin – Xmax) / (Xmax – Xmin ) – 1)



(8)



where; X = normalized value, Xi = input parameter. Determination of a network structure involves the selection of an input parameters input layer, the number of hidden layer nodes and also a combination of transfer functions between the layers. In order to find an appropriate input combination of ANN model for evaluating the shear strength, we trained ANN models composed of various combinations of input parameters. In this study, six different ANN model were developed as with regression analysis. The natural water content (wn), liquidity index (IL), liquid limit (LL), plastic limit (PL), plasticity index (PI) are made up different count of the input layer and the shear strength (c) is made up the output layer in all cases. Among the data sets, randomly selected 251, 278, 274, 257, 251, 228 data sets were used in the training stage and 76, 84, 83, 78, 76, 69 data sets were used in the test stage for six different ANN model. The data analyzed by 3, 5, 7, 9, 11, 13, 15 and 20 neurons until the best results have been obtained. The developed ANN models are shown in Figure 3. After training, the ANN models were used to predict the shear strength (c) of fine-grained soils by using the index properties. Different type and count of input parameters were used in ANN models for this prediction. Despite weak correlations were determined in regression analysis between the shear strength
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and index properties of Adapazari fine grained soils, satisfactory results were obtained on the estimation of the shear strength with developed ANN models. The estimation of ANN models are generally moderately close to the experimental results. Considering the complex soil structure and the compiling data set, the trained ANNs showed satisfactorily good results. The determined correlation coefficient (R2) for different count of the input layer and neurons are shown in Table 3. Comparison between the measured shear strength (c) obtained from laboratory experiments and the estimated shear strength (c) obtained from the ANN models are shown in Figure 4. It is seen that the correlation coefficients obtained from the results of the ANN models are more higher than the initial cases considering the multiple regression analysis results. However, the prediction of the shear strength of Adapazari fine grained soils from the index properties seems very difficult. On the other hands, ANN models have provided acceptable results on determining the shear strength of fine grained soils from index properties. The measured and predicted values shown on Figure 4 indicate that the almost of all results are located within a band of +20% and -20%. It can be considered successful for young and complex alluvial deposits as Adapazari soils.



Figure 3. Developed ANN models according to the different input layers and neuron
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R2 0.5339 0.5712 0.6002 0.7121 0.4064 0.6492



Neuron count 20 13 3 11 11 13



(a)



(b)



(c)



(d)
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(e)



(f)



Figure 4. Comparison between the measured and predicted shear strength obtained from a) IL, b) LL PI, c) wn - LL, d) wn - PI, e) wn - PL, f) wn - LL - PL - PI Conclusions In this study, the relationships between the index properties and the shear strength of fine-grained soils belonging to the Adapazari have been investigated with numerous undisturbed samples data which are obtained from many drilling studies applied in Adapazari. The data set was created by using the index properties and shear strength of fine-grained soils. Multiple regression analysis were performed related the relationships between the index properties and the shear strength of fine-grained soils. Besides, different ANN models were developed for predict the shear strength of fine-grained soils. Previous researches suggested that there is a close relationship between the index properties and the shear strength of fine-grained soils. However, the multiple regression analysis results in this study indicated that the mentioned suggestions are not available for Adapazari soil conditions. Due to the highly complex fluvial geology and soil profiles of the study area, it can be considered as acceptable. The results can be more successful if this research performed based on the neighborhood in Adapazari. In other part of this study, the shear strength of the fine grained soils tried to estimate from index properties by developed different ANN models. Recently, ANN is widely used in geotechnical engineering problems such as at this study. The input parameter were selected in this study in different ANN models as natural water content (wn), liquidity index (IL), liquid limit (LL), plastic limit (PL) and plasticity index (PI). The ANN results obtained from all models were compared with the experimental values and found comparatively or moderately close to the experimental results. Considering the relationships between the index properties and the shear strength of fine-grained soils in the study area determined by multiple regression analysis in this study, the estimate performance of developed ANN models can be evaluated as successful. Similar ANN models could also developed for other study areas by using the same input parameters. References: [1] Casagrande, A. (1958). “Notes on the design of liquid limit device”, Geotechnique, Vol.8, No.2, pp. 84-91. [2] Norman, L.E.J., (1958). “A comparison of the values of liquid limit determined with apparatus with bases of different hardness”, Geotechnique, vol.8, No.2, pp. 79-83. [3] Skempton, A.W., and Northey, R.D. (1953). “The sensitivity of clays”, Geotechnique, 3, 30–53.
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ABSTRACT The present work aims to investigate the effects of tire buffings and lime addition to the behavior of a clayey soil. Modified compaction and unconfined compression strength (UCS) tests were carried out during THA experimental studies. Amounts of tire buffings and lime used in the tests were 0%, 5%, 10%, 15%; and 0%, 2%, 4%, 6% by dry weight of the specimens, respectively. From analyses of the compaction results, it was observed that the optimum moisture content and the maximum dry density decrease as the amount of tire buffings increases for all the lime contents. The UCS values decrease as the amount of tire buffings increases. Moreover, it was noticed that the UCS values increase with an increase in the amount of lime. Key words: Clay, tire buffings, lime, compaction, UCS.
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INTRODUCTION The soil reinforcement in the geotechnical application was divided into two groups. These are (i) THA systematically reinforcement by sheets or bars, and (ii) the fiber reinforcement by randomly distributed fiber pieces. The effect of the fibers to the soil behavior has been well investigated in the literature [1-3]. The large amounts of waste tires cause financial and environmental problems in many countries. Several researchers have investigated the effect of the waste tires to the shear strength of the soil [4-9]. Lime stabilization is a widely used method to improve the mechanical behaviour of the clays. In the stabilization process, calcium hydroxide reacts chemically with the clay particles and produces cementing material in the soil matrix [10]. Effects of the lime stabilization to the mechanical properties of soils were investigated in many papers [10-14]. Numerous studies have been also carried out to observe the influence of fiber inclusion on the mechanical behavior of cemented soil [15-20]. They concluded that inclusion of fiber with cement stabilized soil has increased the shear strength and ductility of stabilized material. The present study aims to investigate the effect of both tire buffings and lime additions to the compaction characteristics, and the unconfined compressive strength values of the clay. EXPERIMENTAL STUDY A series of the compaction and unconfined compression tests were conducted to investigate the behavior of a clay mixed with waste tire (i.e. tire buffing) and lime 3 together. The tire buffing contents and lime contents were 0%, 5%, 10%, 15%; and 0%, 2%, 4%, 6% by dry weight of the specimens, respectively. Materials: The type of the soil used in this study is clay quarried from the City of Gaziantep in Turkey. The clay grains have a specific gravity of 2.74. The liquid limit, plastic limit, plasticity index values of the clay were found to be 49.5, 23, and 26.5, respectively. The clay samples were classified as CL, according to Unified Soil Classification System Figure 1. Tire buffings used in this study were the by-product of the tire retread process and were obtained from a company in Gaziantep. The tire buffings falling between 0.6 mm and 4.75 mm were artificially selected to provide uniform specimens for visual classification purposes Figure 1. The D10, D30 and D60 sizes were found to be around 1.2, 1.7, and 2.8, respectively. Thus, the coefficient of curvature (cc) and the coefficient of uniformity (cu) were calculated as 2.34 and 0.86, respectively. The type of the lime used in this study was a quick lime obtained from a company in Gaziantep. The lime was stored within a plastic bag to avoid the carbonation effect of CO2. The chemical compositions of the lime were given in the Table1. Testing apparatus and experimental procedures: The compaction tests were carried out under modified compaction energy. The required amount of clayey soil, tire buffings, and lime were weighed, and mixed in dry case. Then the required amount of the water was added to the mixture, and mixed until a uniform mixture reached. The mixture was kept inside a plastic bag for a 24 hour for the 4 specimens with no lime. The mellowing time was a 1 hour for the specimens with lime. Following, the compaction test were carried out. The specimens to be tested in the unconfined compression test were prepared in two different methods. The first one was for the clay alone, and the soiltire mixtures. In this method, the required amounts of the materials were mixed in dry case. Then the required amount of water, corresponding to the OMC, OMC+4%, and OMC-4%, was poured and mixed until getting a homogenous mixture. After keeping the specimens in a plastic bag for a 24 h curing time, they were compacted in to a two part split mould with a diameter of 43.2 mm and a height of 98.5 mm. A special hammer was designed to compact the specimens in the split mould using the modified proctor energy level Figure 2. The specimen in the mould was compacted in to five layers and 31 blows for each. Following the compaction process, the specimens were carefully trimmed, and taken out from the split mould, and then tested. The second preparation method was developed for the lime treated clay-tire buffing mixture. The required amount of the clay, tire buffings, and lime were weighed, and mixed in the dry case. The required amount of the water was poured to the clay, tire buffing and lime mixture and mixed until getting a uniform mixture. Three water content values were employed, which were corresponding to the OMC, OMC-4% representing the dry side of the compaction curve, and OMC+4% representing the wet side of the compaction curve Figure 3. The mixtures were kept in plastic bags for about 1 hr. Following the
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compaction process, the specimens were carefully trimmed out, sealed in aluminum sheet, and then put in plastic bags. The specimens were kept in a room temperature for three days curing time. Following the three days, the unconfined compression strength of the specimens was tested.



Figure 1. The grain size distribution of the soil and tire buffings (TB).



Figure 2.The plastic split mould and the compaction hammer for the UCS samples.



Figure 3. Selection of the water content for the UCS specimens.
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RESULTS AND DISCUSSION Compaction tests were carried out using modified compaction effort to study the effect of the tire buffing (TB) and the lime to the compaction characteristics of the clay. The variation of the maximum dry unit weight (MDD) and optimum moisture content (OMC) with the tire buffings/ lime contents were presented in Figures 4 and 5. It is clearly observed from these figures that as lime content increased, the maximum dry density decreased, and the optimum moisture content increased. These behaviors might be because of the low specific gravity of lime. Besides, when lime is added to soil, a pozzolanic reaction takes place between the soil and lime. In this reaction, the clay particles flocculate during the cation exchange. This process leads to formation of lumps and big air voids among grains resulting a lower MDD. Furthermore, more water is necessary for the hydration of the lime particles and filling voids, therefore the OMC increases. The MDD and the OMC of the mixture decreased as the tire buffing content increased. The reason lying behind these behavior was that the specific gravity of the tire particles was lower than the that of the clay grains. This led to a lower MDD, as the soil particles replaced by the tire buffing pieces. The water absorption of the tire buffing pieces is lower than that of the soil particles. Further, the surface area of the clay grains is more than the surface area of the tire buffings grains. Thus, it needs a lower amount of water to cover it, where OMC decreases. A series of the UCS tests were performed for specimens at various mix ratios of the tire buffings and lime. Three water contents were selected for the preparation of the specimens. The variations of the UCS tests with the tire buffing and lime contents were presented in Figure 6. It is clearly observed that there was a significant decrease in the UCS with an increase in the tire buffings content. However, the specimens with no lime compacted both at OMC and wet side show an increase in the UCS values with an increase in the amount of tire buffings until a certain point, then decreased. The authors interpreted that this behaviour might be due to a higher cohesion value obtained at both OMC and wet side. Hence the UCS of the mixture for all tire buffing contents increased as the lime content increased until lime content of 4%, and then decreased. Therefore the lime content 4% was thought as optimum lime content. The reason of such an increase in the UCS was a cementing material produced by a pozzolanic reaction. It is clearly observed from stress- strain curves that the specimens become more ductile as the amount of the tire increased in the mixture (Figures 7- 9). Also, the elastic modulus decreases, and the strain at failure increases. CONCLUSIONS The tests reported in this paper indicate the followings; 1- The MDD and the OMC decrease as the tire buffings content increases. 2- The MDD decrease and OMC increase, as the lime content increases for all the mixture of tire buffings and clay contents. 3- The UCS decreases as the tire buffing content increases. 4- The UCS values for all tire buffing contents increase as the lime content increases until 4% and then decreases.
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Figure 4. Maximum dry unit weight variation with tire buffing contents, for various lime percentages.



Figure 5. Optimum moisture content variation with tire buffing contents, for various lime percentages.
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Figure 6. UCS variation with tire buffings and lime contents, at the OMC, wet and dry side from the OMC.



Figure 7. Stress strain curves for UCS samples with various tire buffings and lime contents, at the water content correspond to OMC.
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Figure 8. Stress strain curves for UCS samples with various tire buffings and lime contents, water content correspond to (-4%) dry side from the OMC.



Figure 9. Stress strain curves for UCS samples with various tire buffings and lime contents, water content correspond to (+4%) wet side from the OMC.
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ABSTRACT Confining the individual stone columns within a suitable geosynthetic encasement has been proven to increase the strength and stiffness of the stone column where the offered lateral confinement by the surrounding soil is insufficient. Subsequent to this lateral stiffness enhancement, geosynthetic-encased stone columns (GECs) have been widely used for ground improvement particularly for flexible structures on soft soils in recent years. This paper presents the results of finite element model study simulating the behavior of soil improved by GECs in reinforced embankment construction. Comprehensive parametric studies were performed to investigate the effect of geosynthetic encasement stiffness and varying the length of encasement. It is found from the analyses that GECs have much higher load carrying capacities and lesser lateral bulging as compared to conventional stone columns (SCs). As the stiffness of the encasement increases, the lateral bulging decreases. In addition, the encasement at the top portion of the stone column up to three fold the diameter of the column is found to be sensitive for lateral bulging. The results also show that basal reinforcement in the embankment decreases the long term settlement and the ratio between settlements of the reinforced and unreinforced cases can be considered as 0.3. Keywords: encasement stiffness, encasement length, geosynthetic-encased stone columns, finite element modeling
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INTRODUCTION In recent years with an increasing demand, stone column technique has been used for improving the load carrying capacity which depends on the surrounding soil. But it is impossible to construct the stone columns in very soft clays, due to the insufficient lateral confinement. McKenna et al. (1975) [1] reported cases where the stone columns were installed with loss of stones due to low confinement of surrounding soft clay, which led to excessive bulging, and squeezing of soft clay into the voids of the aggregate. In such soils, the required lateral confinement can be induced by encasing the individual stone column with a suitable geosynthetic over the full or partial height of the column [2-11]. The general idea of encasing the columns with geotextile was firstly recognized by Van Impe and Silence (1986) [12]. Analytical design technique assessing the required tensile strength of geotextile was presented. The project, where a seamless geotextile sock used as a column encasement, was fulfilled successfully in Germany in 1995. Development of the construction and geosynthetics production technology throughout the 1990ies, new design procedures were producted. Later, Kempfert et al. (1997) [2], Raithel and Kempfert (2000) [3] and Raithel et al. (2002) [5] studied the performance of geosynthetic-encased stone columns (GECs) through numerical and analytical models and produced an analytical design technique for assessing column settlement based on geotextile stiffness. The technique using recent projects data has been adopted successfully in Europe [6, 7], and more recently in South America [13]. Ayadat and Hanna (2005) [14] performed an experimental investigation and reported the benefit of encasing stone columns. Murugesan and Rajagopal (2006a, 2006b) [15, 16] evaluated the concept of encasing individual stone columns with geosynthetics through numerical analyses, and found that the encased stone columns are stiffer than conventional stone columns. Malarvizhi and Ilamparuthi (2007) [17] investigated the settlement of fully encased and isolated stone columns by small-scale laboratory testing and numerical modelling and presented significant reduction with increasing geosynthetics stiffness. Murugesan and Rajagopal (2007) [11] used small-footing tests on instrumented GECs to show that modulus of the encasement plays major role in strength of the encased column and the greatest radial geosynthetic strain occurs at the top of the column. Gniel and Bouazza (2009) [18] performed small-scale model column tests in order to investigate the effect of varying the length of encasement and the reduction in vertical strain with increasing encasement length. Yoo and Kim (2009) [19] presented the results of the full 3D model of GECs and applicability of continuum elements instead of membrane elements in 3D modeling. Murugesan and Rajagopal (2009) [20] investigated the influence of the geometry and material properties of the stone column with both experimental studies and numerical simulations. Murugesan and Rajagopal (2010) [21] performed load tests on individual and group of stone columns with and without encasement in a large scale testing tank, and developed design guidelines for the given load and settlement. Lo et al. (2010) [22] presents fully coupled analyses results on the contribution of geosynthetic encasement in enhancing the settlement reduction in the embankment reinforced with stone columns. Pulko et al. (2011) [23] developed analytical closed-form solution for non-encased and encased stone columns where the initial stresses in the soil/column are taken into account, and presented the design chart, which enables preliminary selection of column spacing and encasement stiffness to achieve the desired settlement reduction for the selected set of the soil/column parameters. Khabbazian et al (2011) [24] performed three-dimensional finite element analyses of GECs utilizing three different forms of hyperbolic model for the encased granular material in order to investigate the lateral response of GECs more realistically during loading and found that modeling the behavior of soil near failure is essential for properly simulating the behavior of GECs. Yoo and Lee (2012) [26] performed field-scale load tests to investigate the enhancement improvement in load-carrying capacity and settlement reduction of a GECs focusing on the effect of the encasement length and column strain. It has been observed in the available studies that mainly unreinforced embankments built on soft soil with GECs have been studied and the effect of basal reinforcement in the embankment was not considered. The work presented in this paper intends to improve the axisymetric unit cell model of reinforced embankments built on soft soil reinforced with GECs. To compare the performance of the basal reinforcement, parallel analyses were also performed on unreinforced embankment. In this study, the effectiveness of parameters such as the stiffness of geosynthetic encasement and the depth of encasement from ground level is investigated through parametric analyses.
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NUMERICAL ANALYSES PLAXIS 2012 [31] is the finite element code used in the numerical analyses reported in this paper. In all of the performed numerical analyses, the height of geosynthetic-reinforced embankment built on soft soil was assumed to be 3m. One layer of geosynthetic at the base of the embankment is considered. The soft soil is a 5m thick soft clay lying on a rigid and firm layer. The water is at the ground surface. Stone columns having the diameter of 0.8m are arranged in square grid pattern with 2.4m center to center spacing, giving an area replacement ratio of 9 % (Figure 1). The axisymmetric cylindrical unit cell is used in the analyses. Figure 2 shows a typical finite element model where the overall radius of the cylinder was selected to be 1.2m.



Figure 1. Cross-section of reinforced embankment built on soft soil reinforced with GECs



Figure 2. Axisymetric cylindrical unit cell used in the analyses



232



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



The finite element mesh used in the numerical simulations was developed using six-noded triangular elements. No horizontal displacement is allowed on the vertical boundaries of the mesh while the bottom boundary is completely fixed in both the vertical and horizontal direction. The ground surface is a drainage boundary (zero value of excess pore pressure), while the vertical and bottom boundaries of the mesh are assumed to be impermeable. The stone column and the embankment fill were modelled using a linear elastic perfectly plastic model with Mohr–Coulomb failure criterion. The Mohr–Coulomb model is defined by five parameters: effective friction angle ( '), effective cohesion (c'), dilation angle (φ'), elastic modulus (E) and Poisson’s ratio (υ). The soft soil was modelled as a modified Cam Clay material. Five material parameters are associated with this model, namely the slope of the swelling line ( ), the slope of the virgin consolidation line ( ), the void ratio at unit pressure (e), the slope of the critical state line (M) and Poisson’s ratio (υ). The Mohr–Coulomb and the modified Cam Clay parameters used in the numerical analyses are similar to the typical values used by other researchers e.g. [27, 28, 29]. The geosynthetics used for both basal reinforcement and encasement were modelled as linear elastic material, with an assumed Poisson’s ratio of 0.3 e.g. [15, 16, 30]. Alexiew et al. (2005) [7] documented that design values of tensile modulus (J) between 2000 and 4000 kN/m were required for the geosynthetic used to encase granular columns on a number of different projects (the tensile modulus of the encasement, J, is also commonly referred to as the geosynthetic stiffness, e.g. [15, 16, 32]. Consequently, a value of J=3000 kN/m was used in the numerical analyses. Interface elements that can be characterized by two sets of parameters were used to model interaction behavior between the geosynthetic and the granular column, and between the geosynthetic and the surrounding soft soil. The coefficient of sliding friction ( ) between the geosynthetic and the granular column was selected to be 0.5 ( = 2/3 tan ) [33], where is the friction angle of the column material. For interaction between the geosynthetic and the soft soil, was assumed to be 0.3 (( = 0.7 tan ) [34], where is the friction angle of the soft soil. The parameters used in the numerical analyses are summarized in Table 1. Table 1. Model parameters Property ' (°) c' (kPa) φ' (°) E (kPa) υ K e M Permeability (m/s)



Stone Column Model Type MohrCoulomb 40 1 10 40000 0.3 1x10-2



Soft Clay Modified Clay 0.3 0.02 0.4 1.0 1.0 1x10-6



Embankment Cam-



MohrCoulomb 32 1 2 15000 0.3 1x10-2



NUMERICAL RESULTS After establishing the initial stress and pore pressure conditions with appropriate boundary conditions, the stone column, the geosynthetic encasement and geosynthetic reinforcement were activated as wished-inplace. The embankment construction was then simulated in three equal stages with 1m fill placement. The embankment loading was simulated by adding layers of elements simulating the fill in all models. Each embankment fill placement was assumed to be completed in 15 days, followed by a 10 day consolidation period. In order to compare the performance of the GEC, parallel analyses were also performed on stone column without encasement (SC) and embankment without reinforcement.
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The lateral bulging of the GEC and SC is shown in Figure 3. It can be seen that in the SC, lateral bulging occurred up to a depth of 1.2 m (1.5D, where D is the column diameter). At greater depths, the lateral bulging became negligible. For the GEC, the maximum value of lateral displacement was much less than that for the SC. However, after a depth of 1D, the GEC experienced more lateral displacement than the SC. This was attributed to both the increased stress at the top of the GEC and deeper transmission of the load due to the effect of the encasement.



Figure 3. Lateral bulging vs. depth for a stone column (SC) and a geosynthetic encased stone column (GEC) Figure 4 and Figure 5 show the deformed mesh and settlements at the embankment base, respectively after the construction period and at the end of consolidation. These results show that, at the end of construction, the maximum settlement of the soft soil is about 15% of the maximum long term settlement at the end of consolidation. As expected, settlements are higher in the soft soil than in the column. Figure 5 shows the evolution in time of the settlements, at the embankment base, on the center of column top (x=0) and on the soft soil at the periphery of the unit cell (x=1.2 m) where maximum value occurs; the differential settlement is also depicted. Long term settlement on the soft soil at the periphery of the unit cell is 13.6cm whereas on the column center is 1.5cm, the differential settlement being 12.1cm. Figure 6 compares for the end of consolidation period the maximum settlement at the embankment base, for both reinforced and unreinforced cases. The results show that with reinforcement there is a decrease of the long term maximum settlement from 13.6 cm to 4.1 cm, i.e. the settlement reduction ratio (ratio between settlements of the reinforced and unreinforced cases) is 0.3.



a) b) Figure 4. Deformed mesh of the model a) at the end of construction b) at the end of consolidation



234



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



Figure 5. Settlement at the embankment base



Figure 6. Settlement at the embankment base for the reinforced and unreinforced cases



PARAMETRIC STUDIES In order to investigate the influence of the stiffness of geosynthetic encasement and the depth of encasement from ground level on the behavior of the GEC, a series of parametric analyses were performed. In these analyses, only one parameter was changed and all of the other parameters were held constant at the base values listed in Table 1. Influence of geosynthetic stiffness To investigate the influence of the geosynthetic encasement stiffness on the performance of the GEC, the stiffness (J) was varied over a wide range of values from 1000 to 10 000 kN/m. Figure 7 shows the lateral displacement of columns with different values of encasement stiffness. At the small values of stiffness, increases in the stiffness substantially decreased the lateral bulging; however, for higher stiffness, the variation of lateral displacement was insignificant.
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Figure 7. Lateral displacement vs. depth for a GEC with varying encasement stiffness Influence of the length of encasement As shown in Figure 3, significant lateral bulging occurs in granular columns up to a depth of 1.5 diameters of the column (1.5D). Hughes and Withers (1974) and Madhav and Miura (1994) have also stated that lateral bulging is the most common failure mode that occurs in the top portion of the granular columns. Consequently, it may be sufficient to partially encase only the top portion of the column, while still achieving essentially the same performance as for a fully encased column. The influence of partial encasement on column performance was studied by varying the length of encasement (Lenc) from 0.8 m (1D) to 4.0 m (5D). Lateral bulging of partially encased columns having encasement lengths of 1D, 2D and 3D are presented together with a fully encased column in Figure 8. As the length of encasement increased from 1D to 3D, the maximum value of lateral displacement decreased. However, after a length of 3D, additional increases in the length of encasement did not change the maximum lateral displacement. By comparing the results shown in Figures 3 and 8, it can be observed that encasement of granular columns even up to a depth of 1D can considerably decrease the maximum lateral displacement. For example, the maximum lateral displacement of a SC is 3.5 times greater than that of a partially GEC with length of encasement equal to 1D.



Figure 8. Lateral displacement vs. depth for a GEC with varying length of encasement
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ABSTRACT The behavior of buried pipes is one of the complex geotechnical problems. In literature, studies on buried pipes are focused on load-displacement behavior of pipes under cellular loads. In this study, the stress behavior of buried pipes embedded in sand was investigated with series of laboratory tests. The pipes embedded in soil and loads applied by a model strip foundation on surface. In the tests, the location of pipes is changed according to the location of the foundation. The effects of embedment ratio, the horizontal distance and stress behavior of pipes were investigated. In addition to that bearing capacity of strip foundation was determined for different location of pipes. Keywords: buried pipe, laboratory testing, stress behavior, bearing capacity.
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INTRODUCTION Geotechnical engineering is one of the complex issues of civil engineering. In civil engineering applications, so many different geotechnical problems are faced. One of the most important issues of these problems is buried pipe design. Initial studies on buried pipes are mainly on the determination of the loads acting on the pipe. In 1913, Anson Marston developed a method for calculating of the earth load to which a buried pipe is subjected [1]. This study is known as the first study about buried pipes. The Marston load theory is based on the concept of a prism of soil in the trench imposes a load on the pipe. This theory was developed considering the Terzahgi theory and the important parameter in determining the loads applied to the pipe crown is settlement differences between backfill and natural soil. After this theory in 1941, Spangler developed a theory for flexible pipe design [2]. Spangler incorporated the effects of the surrounding soil on the pipe’s deflection. In this theory, Spangler suggested that soil and pipe stifness are major parameters for determining the lateral deformation of pipe under loads. Burns and Richard [3] have developed a numerical method based on the elastic shell method. In this method, the trench medium was considered as full elastic and the applied loads were converted to lateral loads by using Poisson Ratio. The results of this method did not show a good agrement for small-diameter and thick-walled pipes. Hoeg [4] developed a new elastic solution for deflection of an elastic pipe placed in an infinite elastic media. His model was similar to that by Burns and Richard, but he treated the coefficient for lateral loading independent from the Poisson’s Ratio. Additional to the theoretical studies, in literature many researchers have carried out experimental studies about buried pipes such as Selig [5], Branchman [6], Cho [7], Cameron [8] and Terzi [9]. In these experimental studies, researchers focused on load-displacement behavior of pipes under cellular loads. In literature, there are limited studies about taking into account the stress behavior of buried pipes. In this study, the stress behavior of buried pipes embedded in sand was investigated with series of laboratory tests. The effects of embedment ratio of pipes, the horizontal distance of pipes and stress behavior of pipes were investigated. MATERIALS AND METHODS The experimental program was performed using the facility in the Geotechnical Laboratory of the Civil Engineering Department of the Cukurova University. The apparatus used for model testing consists of a tank, a loading system and measurement system [10]. Detail of the experimental program and test set-up are described below. Test Set-up Model tests were performed in a test box made of a steel frame with inside dimensions of 1.140m (length), 0.475m (width) and 0.500m (depth). The frames of test box are made steel profiles. The side and bottom surfaces of test box were 10mm thick wood. The two sidewalls of the test box were made of 20mm thick glass to see sand sample during preparation. The loading applied by model strip foundation and vertical loads were applied by a motor-controlled hydraulic system. The applied loading rate was 3.75 mm/min. An electronic 20 kN capacity load cell was used to measure applied loads. Two linear variable displacement transcuders (LVDTs) located at the two corners of the model footing were used to measure settlements. In experimental studies the strain gauges were used to determine the stress behavior of buried pipes. Buried pipes used in tests were made of plastic. The load cell, displacement transducers and strain gauges were connected to datalogger to recorde and data handling. The test set-up is shown in Figure 1 and Figure 2. Model Ground Uniform, clean, fine sand obtained from the Seyhan River bed was used in this research. The sand was washed, dried, and sorted by particle size. The particle size distribution was determined using the dry sieving method and the results are shown in Figure 3. The specific gravity of the soil particles was determined by the picnometer method. The maximum and the minimum dry densities of the sand were measured. The particle size distribution was determined using the dry sieving method. Table 1 summarizes the general physical characteristics of the sand.
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The sand bed was prepared up in layers of 25 mm thick. Each layer was compacted by a hand-held vibratory compactor. After the compaction of each sand layer, the next lift height was controlled using scaled lines on the glass plates of the test pit. To maintain the consistency of in-place density throughout the test program, the same compactive effort was applied on each layer. The difference in densities measured was found to be less than 1%. The compaction technique adopted in this study provided a uniform relative density of unit weights of 16.27kN/m3.
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Figure 2. Test set-up



Figure 3. Grain size distribution of the model sand Testing Program An experimental program was carried out to investigate the effects of the variable parameters including, embedment ratio (H/D) and horizontal distance of the pipe to footing (x/D). Model loading tests were performed in three test programs. In all tests the applied loads, settlement and stress on the pipe were measured by test set up. Table 2 summarizes all the tests programs with variable parameters used. Table 1. Properties of sand bed Property Coarse sand fraction (%) Medium sand fraction (%) Fine sand fraction (%) D10 (mm)



Value 0.0 45.90 54.10 0.20
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D30 (mm) D60 (mm) Uniformity coefficient, Cu Coefficient of curvature, Cc Specific gravity (kN/m3) Maximum dry unit weight (kN/m3) Minimum dry unit weight (kN/m3) Classification (USCS) Table 2. Summary of test program Series The location of pipe 1 Without pipe



0.30 0.50 2.50 0.90 26.80 17.26 14.42 SP



The embedment ratio of pipe Without pipe



2



At center of footing



H/D=1-2-3-4 and 5



3



x/D=0-1-2-3-4



H/D=3



RESULTS AND DISCUSSIONS A total of 11 model tests were conducted on cohesionless soil. The effect of the embedment ratio and horizontal distance of the pipe to footing on the bearing capacity and stress of the pipe were obtained and discussed. The bearing capacity behavior of the footing on cohesionless soil is represented using a nondimensional factor, called bearing capacity ratio, BCR. This factor is defined as the ratio of the ultimate bearing capacity of footing with pipe (qpipe) to the ultimate bearing capacity of footing without pipe (qu).



BCR 



q pipe qu



(1)



Effect of the Embedment Ratio of Pipe on Bearing Capacity A series of tests was performed on strip footing resting on a cohesionless soil, in order to investigate the effect of embedment ratio of the pipe in soil (H/D). The diameter of pipe (D) and widths of the footing (B) ratio are D/B=0.75 and this value was constant in all tests. Tests were conducted for H/D ratios of 1.0, 2.0, 3.0, 4.0 and 5.0. The parameters changed in this series of tests are shown in Figure 4. Tests were also conducted with the strip footing on cohesionless soil without pipe for the purpose of comparison. Load settlement curves for five different H/D ratios obtained from model tests are presented in Figures 5. Additionally, the experimental results are presented in Figure 6 in the form of BCR. The results indicate that, the ultimate bearing capacity increases with increasing depth of the pipe from the strip footing. When the pipe is buried at H/D=3, there is serious increase in bearing capacity (an average value of 87%). The bearing capacity reached 98% of case of without pipe at H/D=4. If the pipe is placed at H/D=5, the bearing capacity is reached the same bearing capacity of case of without pipe. The results show that a buried pipe located at center of footing affects significantly the bearing capacity of strip footing.
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Figure 4. Investigated Parameters for Embedment Ratio (Pipe Centered Footing)



Figure 5. Variations of Qu with s/B for Model Tests with Different Ratios of H/D



Figure 6. Variations of BCR with H/D for Model Tests
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Effect of the Embedment Ratio of Pipe on Stress Behavior In order to determine the behavior of pipe in experimental studies pipe stress occuring on pipe is measured by using strain gauges. For this purpose, the strain gauges were placed at top and bottom surfaces of pipe at 180-degree angles. In tests conducted with different embedment ratio are shown that the stress on the pipe decreases with the increasing embedment ratio of pipe. The change of the stress on the top and bottom side sufaces of pipe at the ultimate bearing capacity are presented in Figure 7. The results show that there is a serious decrease in stress on pipe with increasing embedment ratio. If the pipe located at H/D=1, the value of stress on top and bottom surface of the pipe is about 335 kN/m2. This value is measured about 40 kN/m2 at H/D=5. The results show that the stress on the pipe decreases significantly with increasing embedment ratio.



Figure 7. Variations of Stress on Bottom and Top of Pipe with H/D



Effect of the Horizontal Distance of Pipe on Bearing Capacity The effect of horizontal distance of pipe to strip footing is investigated at this series of tests. In tests the embedment ratio of pipe is H/D=3 and the diameter of pipe (D) and widths of the footing (B) ratio was D/B=0.75 and embedment ratio was H/D=3 at all tests. The investigated parameters are shown in Figure 8.



Figure 9. Investigated Parameters for Horizontal Distance of Pipe (H/D=3)
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For these series of tests, load settlement curves for five different x/D ratios obtained from model tests are presented in Figures 10 and BCR values are shown in Figure 10. The results show that, the ultimate bearing capacity increases with increasing horizontal distance of pipe to center of strip footing. The bearing capacity reached 98% of case of without pipe at H/D=3. The results show that the location of a buried pipe is one of the important effects on bearing capacity of strip foundation.



Figure 9. Variations of Qu with s/B for Model Tests with Different Ratios of x/D



Figure 10. Variations of BCR with x/D for Model Tests
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Effect of the Horizontal Distance of Pipe on Stress Behavior In this series of tests, the stress behavior of pipes were obtained by using strain gauges. The same procedure was applied for placing strain gauges. The change of stress on top and bottom surfaces of pipe with horizontal distance is presented in Figure 11. The value of stress on top and bottom surfaces is same and negative when x/D=0. This value firstly decreases with increasing horizontal distance of pipe to footing and it is maximum at H/D=2. Then the stress decreases with increasing horizontal distance of pipe and it is minimum at x/D=4. The results show that horizontal distance of pipe to footing is affected directly by stress behavior of pipe.



Figure 11. Variations of Stress on Bottom and Top of Pipe with x/D CONCLUSION In this study, the stress behavior of buried pipes embedded in sand was investigated with series of laboratory tests. The effects of location of buried pipes on bearing capacity of footing were investigated. The following main conclusions can be drawn:  The ultimate bearing capacity increases with increasing the depth of the pipe from the strip footing. If the pipe is placed at H/D=5, the bearing capacity is reached at the same bearing capacity of in the case of without pipe. The results show that a buried pipe located at center of footing affects significantly the bearing capacity of strip footing.  In tests conducted different embedment ratio are shown that the stress on bottom and top of the pipe decreases with the increasing embedment ratio of pipe.  The results show that the bearing capacity increases with increasing horizontal distance of pipe to footing. The location of a buried pipe is one of the important effects on bearing capacity of strip foundation.  The stress on bottom and top of the pipe is affected horizontal distance of pipe to footing.
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ABSTRACT In this study, correlations between thickness and water content of geosynthetic clay liners (GCLs) and internal erosion were established after the termination of hydraulic conductivity tests. The GCLs having different manufacturing types (reinforced versus unreinforced), different geotextile types in contact with the subbase (woven versus nonwoven) and different bentonite components (sodium versus calcium) were tested over perforated base pedestals in flexible-wall permeameters under high hydraulic heads of up to 50 m. Considering that a perforated base pedestal with uniform voids simulated a rounded uniform coarsegrained gravel subsoil successfully in terms of internal erosion, perforated base pedestals having different uniform circular voids were used as the subbase material beneath the GCLs. The difference in thickness of the zones on the GCLs that were in contact with the voids of the subbase and of those that were in contact with the solid parts of the subbase were compared. Higher thickness difference was obtained for the GCLs that experienced internal erosion when either the nonwoven or the woven geotextile component of the GCLs was in contact with the subbase. Very low thickness difference measured on the GCLs with the geotextile component of a significantly higher tensile strength is an indication of resistance against internal erosion. Higher water content was also measured on the bentonite that was taken from the zones that were in contact with the voids of the subbase. Test results also indicated that internal erosion of the GCLs was directly related to the void diameter of the perforated base pedestal. As a conclusion, higher thickness and water content values measured on the zones of the GCLs that were in contact with the voids of the subbase material is an indication that internal erosion occurred through these deformed zones. Keywords: Convex Zone; Geosynthetic Clay Liner; Internal Erosion; Perforated Base Pedestal INTRODUCTION GCL is a barrier material that is composed of a thin layer of bentonite (5-15 mm) sandwiched between two geotextile layers [1]. GCLs are preferred as liners in cover systems or composite bottom liners due to their low hydraulic conductivity (
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GCLs are usually used as part of composite liners at the bottom of landfills, storage tanks or surface impoundments (lakes and ponds, aeration lagoons, fly ash lagoons, etc.) to control the migration of water or leachate [5, 6]. Moreover, GCLs could be placed as the sole lining material in irrigation pond liners, for decorative applications (pond liners at golf courses, amusement parks), or for agricultural applications [7]. The soil beneath the GCL could be coarse-grained gravel in such applications. When the water level increases in fresh water reservoirs, the hydraulic loads that are applied on the GCL also increase. Due to this interaction, there is the possibility for the GCL to be pushed into the voids between the coarse-sized gravel particles, which might also cause the bentonite in the GCL to be extruded out from the damaged geotextiles [7]. Significant amount of bentonite loss leads to high increase in GCL’s hydraulic conductivity and sudden failure of the GCL’s barrier capability. This phenomenon is called internal erosion [1, 8]. A needle-punched GCL and an adhesive-bonded GCL were placed respectively beneath three different uniform gravels with different gradation and hydraulic conductivity tests were performed on these GCLs under 0.60 m hydraulic heads in flexible-wall permeameters [9]. According to the test results, none of the GCLs experienced internal erosion. However, less bentonite extrusion was measured for the needlepunched GCL due to the fact that the fibers between the two geotextile components prevented excessive bentonite loss. Moreover, mass per unit area and water content of the bentonite taken from the areas where the GCL was in contact with the voids between the gravel particles were measured higher than those taken from the areas where the GCL was in contact directly with the gravel particles. This result indicated that a significant amount of the bentonite particles was collected in the areas where the GCL was in contact with the voids of the gravel. Because of the very low hydraulic head, these bentonite particles could not migrate out from the GCL and caused higher water content and mass per unit area values to be measured at these areas. In another study, a needle-punched GCL and an adhesive-bonded GCL were placed respectively over uniformly graded angular crushed stone and uniformly graded rounded gravel and hydraulic conductivity tests were performed on these GCLs under 0.69 m hydraulic heads [10]. Even if internal erosion was not observed for all of the tested GCLs, the difference in maximum and minimum GCL thickness and maximum and minimum bentonite mass per unit area were measured higher for the adhesive-bonded GCL. This result was also an indication of less bentonite extrusion from the needle-punched GCL. Furthermore, it was indicated that more bentonite extruded out from the GCLs tested over angular crushed stone when compared with rounded gravel [10]. Hydraulic conductivity tests were performed on different GCLs placed over a geonet under an overburden pressure of 750 kPa [11]. The thickness of the area where the GCLs were in contact with the holes of the underlying geonet was higher when compared with the average thickness of the GCLs due to the fact that the deformation of the GCLs was more at the areas where the GCLs were in contact with the holes. As indicated above, there are a few studies in literature that correlations between thickness or water content of GCLs and hydraulic conductivity were analyzed. However, all of these correlations were established for the GCLs that did not experience internal erosion. The objective of this study was to establish a correlation between internal erosion and thickness and water content of the GCLs that were tested under hydraulic heads of up to 50 m to simulate the GCL usage in fresh water reservoirs. In order to evaluate the effects of these parameters on internal erosion correctly, a perforated base pedestal with uniform holes was used beneath the GCL instead of a subgrade soil. This base pedestal simulated rounded uniform coarse-grained gravel successfully [7]. Different GCLs manufactured by different methods (needle-punched or unreinforced), different GCLs that were placed with different types of geotextile components (woven or nonwoven) over the perforated base pedestal or different GCLs with different bentonite types inside (sodium or calcium) were tested over perforated base pedestals with different uniform holes. MATERIALS AND METHODS Four different GCLs were tested over four perforated base pedestals with uniform holes in 2 cm, 1.5 cm, 1 cm and 0.5 cm diameter respectively. GCL-1 was a commercial needle-punched GCL [12] that was reinforced from the nonwoven geotextile (203 g/m2) through the granular sodium bentonite to the woven geotextile (108 g/m2) with polypropylene fibers. GCL-1 had minimum bentonite mass per unit area of 4.8
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kg/m2 at zero water content, tensile strength of 8 kN/m and hydraulic conductivity of 1×10-11-1×10-12 m/s. GCL-2 was produced in the laboratory by using the same sodium bentonite of GCL-1, sandwiched between the same woven (W1) and nonwoven geotextiles (N1) used in GCL-1 without needle-punching the components. GCL-3 was also produced in the laboratory using calcium bentonite sandwiched between the same woven (W1) and nonwoven geotextiles (N1) that GCL-1 was composed of. The components were not needle-punched, too. GCL-4 was produced in the laboratory using the same sodium bentonite sandwiched between the same nonwoven geotextile (N1) of GCL-1 and a woven geotextile (W2) with a relatively higher tensile strength than that of GCL-1 without needle-punching the components. The engineering properties of the nonwoven and woven geotextiles used in this study are listed in Table 1 [13-15]. The swell index of sodium bentonite and calcium bentonite was measured as 28 ml/2g and 20 ml/2g respectively.



The base pedestal used beneath the GCLs was made of Plexiglas that had uniform circular voids in it. The diameter of the perforated base pedestal was 100 mm and its thickness was 10 mm. Hole diameter of each pedestal used in this study was chosen as 20 mm, 15 mm, 10 mm and 5 mm as shown in Figure 1. Constant head hydraulic conductivity tests were conducted on the GCLs using a flexible-wall permeameter [16]. From top to bottom, the configuration of the hydraulic conductivity test setup consisted of a rigid top cap, porous stone, filter paper, GCL specimen, perforated base pedestal, nonwoven geotextile filter and a rigid bottom cap [16]. Water was permeated from top to bottom during the tests and the GCLs were taken out of the permeameter cell after the termination of the hydraulic conductivity tests. However, results and details of the hydraulic conductivity tests are beyond the scope of this study. In this study, thickness and water content of the GCLs were measured. The GCLs were deformed at locations where they were in contact with the voids of the base. The zones of the GCLs facing the holes of the perforated base pedestal had a convex geometry and therefore are called convex zones. The zones where the GCLs were in contact with the solid parts of the perforated base pedestal are called flat zones. Thickness of the GCLs was measured along two perpendicular diameters using a caliper [17]. 25 thickness measurements were taken from each GCL. As shown in Figure 2, average thickness (taverage) refers to the average thickness of flat zones and maximum thickness (tmax) refers to the average thickness of convex zones on the GCLs that is also equal to tconvex, measured after the termination of hydraulic conductivity tests. Δt is the difference between the maximum (tconvex) and the average (taverage) GCL thickness.
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Eight bentonite samples were taken from each GCL specimen with a thin-walled steel cylindrical sampling tube having 7.5 mm diameter and 23 mm height [18]. The sampling tube was pushed into the bentonite to obtain these bentonite samples. Four of these samples were taken from the convex zones whereas the other four samples were taken from the flat zones. Water content of the bentonite from all of the tested GCLs was calculated as outlined in ASTM D 5993 [19]. Similarly with thickness calculations, average water content (waverage) refers to the measured average water content values of the bentonite samples taken from the flat zones and maximum water content (wmax or wconvex) refers to the measured water content values of the bentonite samples taken from the convex zones on the GCLs after the termination of hydraulic conductivity tests. Δw is the difference between the maximum (wmax) water content and the average (waverage) water content. RESULTS GCL specimens with designations and the hydraulic heads that caused failure for the related GCLs are listed in Table 2. The GCLs that did not experience internal erosion (defined by no failure) are also given in Table 2. The GCLs are designated according to the GCL type (GCL-1, GCL-2, GCL-3 or GCL-4), geotextile type in contact with the perforated base pedestal (woven as W or nonwoven as NW) and the void diameter of the base pedestal (2 cm, 1.5 cm, 1 cm or 0.5 cm). For example, a GCL-2 tested with its
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nonwoven geotextile over the base pedestal with a void diameter of 0.5 cm is designated as GCL-2-NWD0.5.



As can be seen in Table 2, none of the tested GCL-4 specimens experienced internal erosion. When the void size increased, the hydraulic heads that caused failure decreased. After the termination of hydraulic conductivity tests, thickness of the convex zones of all the GCLs was measured and shown in Figure 3. Almost the same behavior and measurements were observed when either the woven or the nonwoven geotextiles of the GCLs were in contact with the voids of the base. Increasing the void diameter of the base caused higher thickness to be measured at these locations. The highest measured tconvex was 13.7 mm for GCL-1-NW-D2 as shown in Figure 3a and 13 mm for GCL-2-W-D2 as shown in Figure 3b. When compared with the values in Table 2 and as can be seen in Figure 3, the thickness of the GCLs that experienced internal erosion was measured between 9.7-13.7 mm. Δt values of the GCLs versus the voids of the perforated base pedestal were compared in Figures 4a and 4b. As can be seen in both Figures 4a and 4b, GCL-4 specimens and all the GCL specimens tested over the base with the void size of 0.5 cm had the lowest Δt that was measured between 0.6-2.7 mm. These GCLs were the specimens that did not experience internal erosion. Water contents measured from the convex zones of the GCLs were correlated versus the voids of the related perforated base pedestal in Figure 5. When the void size of the base increased, wconvex also increased regardless of the geotextile type that was in contact with the voids of the base. The difference in



253



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



wconvex values between the GCLs that underwent internal erosion and that did not was significantly high as shown in Figure 5. wconvex of the GCLs that had failure ranged from approximately 130% to 200% whereas wconvex of the GCLs that did not have failure differed from almost 80% to 100%.



The difference in water contents taken from the convex zones and the flat zones of the GCLs was shown in Figure 6. When either the GCLs tested with their woven geotextiles or nonwoven geotextiles over the perforated base pedestals, Δw values was significantly higher for the GCLs that underwent internal erosion. For the GCLs that had failure, Δw was measured between almost 60-95 % for the samples taken from the zones where the woven geotextile was in contact with the voids whereas 50-80% for those taken from the zones where the nonwoven geotextile was in contact with the voids. However, Δw was measured almost lower than 10% for the samples taken from all the tested GCLs that did not experience internal erosion. As can be seen in Figures 6a and 6b, Δw was measured a little higher for the GCLs that had failure tested with their woven geotextile components over the bases than those tested with their nonwoven geotextile components.
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DISCUSSION As can be evaluated from Figures 3 and 4, increase in void size of the base material caused more deformations on the GCL zones that were in contact with the voids. Under the effect of high hydraulic heads, the carrier geotextile component of the GCL that was in contact with the voids of the base began to be pushed into the voids slowly. As time passed, bentonite particles extruded out from the deformed geotextile and after a significant amount of bentonite loss was observed, the geotextile could not resist the hydraulic load and failed. Because of this interaction, higher thickness (tconvex) and higher thickness difference between the convex and flat zones (Δt) were measured for all the tested GCLs after the termination of the tests. Increase in void area as the void size increased could be the reason for the increase in both tconvex and Δt. GCL-2-W-D2 was a specimen that experienced internal erosion. Significant amount of bentonite loss through the damaged fibers of the woven geotextile (W1) component was shown in Figure 7a. However, GCL-4-W-D1.5 was a specimen that resisted against internal erosion. As can be seen in Figure 7b, the thickness of the convex zones of this specimen was lower than that of GCL-2-W-D2. Lower thickness of the woven geotextile (W2) prevented high amount of bentonite loss through the voids of W2. As also shown in Figure 7b, the fibers of the woven geotextile (W2) on the convex zones were not damaged. This result could be attributed to the considerably higher tensile strength of W2 than that of N1 and W1 as listed in Table 1. Lower tconvex and Δt of GCL-4 specimens as shown in Figures 3 and 4 are also indications for the better performance of GCL-4 against internal erosion. Interaction between the voids of the subbase and the nonwoven geotextile was similar with that between the voids of the subbase and the woven geotextile. As can be seen in Figures 8a and 8b, bentonite extrusion through the deformed convex zones of GCL-2-NW-D1.5 was more than that of GCL-1-NW-0.5. The deformation of the convex zones of GCL-1-NW-0.5 was lower than that of GCL-2-NW-D1.5 which could be attributed to the lower tconvex and Δt measured on GCL-1-NW-D0.5. GCL-2-NW-D1.5 had failure whereas GCL-1-NW-D0.5 did not. When compared with the correlation of thickness change of GCLs and internal erosion, similar correlation was established between water content change of the bentonite in GCLs and internal erosion. Under high hydraulic heads, most of the bentonite particles were forced to move towards the convex zones. As shown in Figure 5, higher water content (wconvex) measured at the convex zones due to void size increase could be attributed to the more water transfer with bentonite towards the voids with larger size. Furthermore, due to the large amount of water transfer through the convex zones where the geotextile was also damaged, the difference in water content measured between the bentonite taken from the convex zones and the flat zones (Δw) was significantly higher for the GCLs that underwent internal erosion than those that did not as shown in Figure 6. As a conclusion, high thickness and water content changes measured between the convex and flat zones of the GCLs are indications that internal erosion and hydraulic failure occurred through the convex zones. This result is also parallel to the findings obtained in literature. Significantly lower mass per unit area was measured on the bentonite taken from the convex zones than those taken from the flat zones of the GCLs that underwent failure [16]. According to this result, it might be considered that the most critical zones on a GCL surface in terms of internal erosion are the zones that are in contact with the voids of the subgrade soil. In order to protect these zones against large deformations and prevent internal erosion of GCLs under the effect of high hydraulic heads in fresh water reservoirs, the subgrade beneath the GCLs could consist of gravel particles with void diameter size of 5 mm or smaller. Placing the GCLs on nominal sand layer of 50 mm above the gravel subgrade or using sand-mats (sandwich of sand and geotextiles) between the GCLs and the gravel subgrade could be other alternative solutions. ACKNOWLEDGEMENTS This study was funded by the Scientific Research Project Foundation of Turkey (Project No. 07HA401). This support is gratefully acknowledged. The authors thank Dr. Nigel Webb of the Colloid Environmental Technologies Company (CETCO) for providing the GCL specimens for this study.
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DESIGN THE UPHEAVAL OF ISOLATES PILES FOUNDED IN A SWELLING SOIL
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ABSTRACT This article analyses the behaviour of a pile in a swelling soil when it is moistened. The tendency that develops at the present time, for the design of a pile in a swelling soil, consists in verifying the calculation of the bearing capacity of piles taking into account the reduction of the resistance induced by the swelling soil on the lateral surface of the piles. This situation leads to an upward displacement of the pile and in case of excessive humidity the characteristic of the rigidity as well as the bearing capacity charge, which in this case decreases. The proposed method consists in calculating the rise of the pile, based on the study of the influence of a swelling clay type and the length of the pile. KEY WORDS: swelling soil - piles – uprising.
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Introduction When developing projects of buildings or structures on expansive soils, the possibility of wetting the soil, either by rain or by water from the soil, including leaks in pipes or reservoirs, must be always analyzed. One of the methods that ensure normal exploitation of buildings and structure built on expansive soils consists or supporting structures partially or completely on pile foundations through the expansive soils. In this case, we manage to reduce or completely eliminate the uprising of the building. However, this result depends on the adaptation of the structure of the pile foundation to real conditions of the swelling soil. The use of piles in construction for centuries has accumulated numerous experimental data on the determination of experimental values of the friction forces on the lateral surface of the pile (qs) and normal forces of resistance of the soil under the pile tip (qp). Key complete data were published by [Chen, 1988], [Bowles, 1988], [Mustafaev, 1989], [Sorochan, 1989] and [Magnan and al, 1995]. Subsequently, these data were completed several times and used (Standard SNiP 2.02.01-83 and 2.02.03-85.)], [Shakhirev et al, 1996] have developed more detailed tables for the values of qs and qp for a wider range of soils, applicable to the case of short cast in place piles, with length less than 10 m. Sorochan (1989) presents results four tests conducted in swelling clays (clays Sarmat type (I) clay Khvalin type (II), clay-type quaternary (III), and clays such Aral type (IV)) on isolated drilled piles and groups drilled pile with lengths between 1 and 7 m, and diameters between 0.40 m and 1 m of cylindrical form or enlarged at the base. In all cases, the optimal solution of pile foundation depends on the reliability of the method of calculating the combined behavior of the foundation and the swelling soil. In accordance with [Sorochan EA, 1989], the length of the pile will be determined from the conditions of the bearing capacity and the necessary conditions so that the lifting does not exceed the tolerance of the structure. Based on the experimental data [Sorochan, 1989], the method of calculating the pile uplift depends on the type of expansive soil, the shape of the pile, the geometrical dimensions of the section, and the type of the pile (drilled or beaten ). Apart from this, the method of calculating the pile uplift is based on conventional interactions. That is why we limited the experimental work on the ground, and it is not allowed to extrapolate these conditions on short piles which are best suited in this field. It is for this reason that the authors propose a method of calculating the uplift pile in expansive soils which is based on the analogy of the process of swelling due to expansion of solids and the differential equations of the thermoplastic theory.



Determination of pile uplift For determining the pile uplift, we will study the case where the piles go completely across the layer of expansive soil (see Figure 1.). In case the pile does not entirely goes through the layer of soil the total lifting (global) is added to the swelling of the layer of the soil which lies below the pile tip. As for the uplifting forces of friction on the side surfaces, the calculation remains unchanged
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S0 S 2 1 -- Layer of soil swelling. 2 -- Layer of non-swelling soil Figure 1. Costing the pile uplift



In general, the calculation is based on the analogy of the expansion process due to swelling of solids. In this function the intensity of the swelling is a function of the soil f (r , z )



f



r , z  



dh sw dz



  



r , z 



………….…………………………( 1 )



hsw : Soil swelling height, (m)  : Coefficient of linear expansion of the body, (degree -1).



 : Change of body temperature, (degree). r, z : Coordinates, (m). The physical nature of the process almost instantaneous of elastic bodies heated layer by layer and after humidification of expansive soils, will be different, but the final results are the same, the expansion upon heat ring of the solid body increases the volume of the soil after wetting, on the side surfaces of the pile are distributed tangential tensions, in analogy with that the case of thermal stress. Deformation and tension in a system of piles. The deformation and the tension in a soil-pile system are considered in equilibrium following the lifting of the swelled soil at a given time.



262



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



The soil swelling is considered as a linear deformation material having a modulus of deformation E and a Poisson ratio  . The pile is considered as a cylinder of radius - a -, interacting with a layer of infinite thickness of swelling soil dsw. Along the axis of the pile, there is resistance to a force P which is equal to the sum of the charge and the resistance force generated by soil layers. By analogy to the differential equations of the ax symmetric thermal state of infinite slab, the product



 . ,



is replaced by the function



f



(1).



The equilibrium equations of the displacement to form:
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: correspond to the radial and vertical displacement (m ) respectively e – volumetric strain.



 2 - Laplace operators in cylindrical coordinates. In accordance with the general Hooke's law the stress state in a point (Fig. 1) is:
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In the absence of radial displacement of the pile, it is convenient to take takes the following form:



…….….. (3)



u = 0. Therefore the system (3)
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u = 0 in equation (2) yields:
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By integrating the first equation (5) and substituting the second result into the second equation, we obtain:



  2 (1   ) F  C1 z  C 2 .  2 F  0.
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F   f ( r , z ) dz.



Where



Therefore, a harmonic function F is obtained which can be solved by using Bessel series of first and second levels multiplied by the trigonometric functions.



F The function of the intensity of the swelling f = z should have a similar shape; 















F   A j sin(m j z )  B j cos(m j z ) C i I 0 (im j r )  D j K 0 (im j r )  f 0 z ; j 1 
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Where :



f 0 : are constants.



Aj , Bj , Cj , Dj , mj et



I0 (i mj r), K0 (i mj r) : series BESSEL respectively the first and second type of zero order of imaginary argument. j = 1, 2, 3, ...... Bessel function I0 ( i mj r) tends to infinite values for r   . Therefore, by studying the tention of the deformation swelling layer, this must be excluded, that is to say Cj = 0. After this it follows taking Dj =1. Apart from that with



r 



the intensity of swelling f  0 , which takes into account the introduction



of the constant f 0 . Its physical meaning is that apart from the effect on the function, the intensity of swelling is invariable and equal to



f0



.



Substituting (7) and (6) into (4) we obtain the equations of motion and vertical stresses. For the case j =1, they have the following state.
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As the boundary conditions followings: For
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Where S, S0 are: soil compaction for



z 0
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If we take S =1mm, S0 = 4 mm , clays type (I) S0 =6 mm x : ground surface uplifting in the vicinity of the pile. Substituting expression (8) into the boundary conditions, we obtain a system of equations, the resolution of which is that of case of a fixed pole. The constants are defined as follows.
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Taking into account the experimental data [Sorochan E.A, Trofimenkova Y.G., 1985] the coefficient



m



0,7  . d sw



For these sane data, the diagram of the distribution of vertical soil displacement  function of en the depth z and wet thickness has an exponential type relationship.



(-  z) ………………………………………………..……………………….( 10 ) e sw where :  = 0,6 m-1 for type clays (I)  = 0,4 m-1 for type clays (II)  = 0,31 m-1 for type clays (III)



 h



Assuming that the surfaces of diagrams drawn from experimental data and calculated ground displacement, the average intensity f 0 of the swelling of the soil is obtained.
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The uprising strength T acting on a motionless pile is: ……………………..……………………… (12) T   2  a E A K 1 i m a . Table .1 - Comparison between Tc Calculated and actual values of Tf. Type of clay



I



II III



Length of pile (m)



TC ; (kN)



3 4 5 6 3 5 7 1



77,1 91,8 106,5 120,2 92,6 127,8 160,7 21,6



Tf ; (kN)



TC  T f Tf



67 83 101 124 86 142 183 19



x100 %



15 11 5 -3 8 -10 -12 14



Table 1 shows the comparison between the forces of the uprising Tc calculated from the formula obtained and the actual values of Tf , taken from the work of [Sorochan E.A, Trofimenkova Y.G., 1985]. In the calculations, the mechanical characteristics massive swelling clays are considered similar to those in a wet state: Poisson's ratio  = 0.3 ; the modulus of deformation E = 9 MPa for clays type ( I ) ; for type ( II ) clays end E = 3,6 MPa for type ( III )clays.



E = 5,4 MPa



During the determination of uprisings of piles, the known effect of braking "resistance movement" is used following the uprisings of uneven different layers of swelling soil. For this we assume that Z0 is the coordinate of the soil layer where the displacements of the pile and of the soil coincide, that is to say  = h. Z0 is defined from the equation of equilibrium of all the forces acting on the pile. After integration and transformation, equation (12) takes the following form:



T cos m z 0   sin m z 0  ctg m d sw  2  f s z 0  P



…………………………….. (13)



Where



f s : the resistance of the soil layer below Z0 it is equal to 24 Mpa for soil type II and III and equal to 58 Mpa for soil type ( I ) according to [Sorochan, Trofimenkova. , 1985]. P : The load on the pile.
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The expression (13) for Z0 = 0 becomes T = P. That is to say that the lifting force is equal to the load on the pile. Replacing the value Z0 in the expression for the vertical non-mobile systems (8), a lift equal to h is obtained:



h  2 1   A  sinm z 0   ctgm d sw  cos m z 0   K 0 i m a   z 0 f 0



1    S . ………. (14) 1   0



In the case where the length “d” of the pile is less than the wet thickness dsw, lifting is determined as the sum of the displacements of the soil consequent the action on the side surfaces h and the pile tip hT. For this, in all formulas except the formula (11) “d” must be replaced by dsw.



Comparison of calculated displacements with those obtained experimentally. The uplifting obtained comparison by calculations to those obtained experimentally are given in Table 2. Table .2 - Results of measurements uprisings of pile according to the method of calculation and experiments of different authors. Author of experiment and type of soil used



hsw (cm)



E.A. Sorochan



Type ( I ) V.N. Boiem. Type (II) V.S. Sadjine



Length of the pile. (m)



depth moisten (m)



Diamete r of the pile. (cm)



Loa d (kN)



14,5 14,5 14,5 14,5 14,5



2,5 2,5 2,5 2.5 2,5



3 3 3 3 3



20 20 20 20 20



9 9



5 5



5 5



19



3



19 19 19 19 8 8 8 11 11



5 5 5 5 2 2 2 4 4



Rising of the Pile (cm) calculation



experimental



50 38 30 22 17



2,4 3,0 5,1 5,2 5,3



2,1 3,3 4,0 4,2 4,8



25 x 25 25 x 25



30 100



2,1 1,4



2,6 0,9



8



25 x 25



50



14,9



13,5



8 8 8 8 3 3 3 7 8



25 x 25 25 x 25 25 x 25 25 x 25 20 20 20 20 20



50 100 150 5 47 32 18 14 25



13,4 10,8 8,9 15,2 6,6 6,8 7,0 9,1 7,6



10,2 9,8 8,8 13,5 3,8 4,8 5,4 7,1 6,1



Type (III)



E.A. Sorochan



TYPE (IV)
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We note that from Table 2 the results of calculations of uplift piles coincide with the experimental results of the different authors.



Conclusion In all cases, it is desirable that the piles cross completely or expansive soils or stop at a level whose the soil swelling when humidified produce a permissible lifting of the structure. The method of calculation pile uplift is based on swelling soil pile interactions. The authors propose a method of calculating the pile uplift in expansive soils is based on the analogy of the process of swelling due to expansion of solids and the differential equations of the thermoplastic theory. From table 1 and 2, it appears that the results of calculations for pile lifting coincide with the experimental results. It follows from the foregoing that one can always choose a vertical load P applied to the pile which must be greater than the active friction forces that appear on the lateral surface of the pile due to the lifting of the floor and therefore prevents the lifting of the pile to be occurred. REFERENCES : [1] Bowles J.E. Foundation analysis and design, 4th edition, McGraw-Hill International Editions, Civil Engineering Series, 1004 pages. (1988). [2] Chen F.H. Foundations on expansive soils, Elsevier, Amsterdam, Developments in Geotechnical Engineering, vol. 54, 463 pages, (1988). [3] Ejjaaouani H., Magnan J.P., Shakhirev V. Calcul des fondations sur sols gonflants. Revue Marocaine du Génie Civil, N° 89, (2000). [4] Magnan J.P., Shakhirev V., Ejjaouani, Etude expérimentale du comportement de pieux forés dans des sols gonflants, Bulletin de liaison des laboratoires des ponts et chaussées. N° 198, pp 29-38. (1995). [5] Mustafaev A. A., Foundations on subsiding and swelling soils (in Russian) Vysshaya shkola, Moscow, 592 pages. (1989) [6] Pataleev A.V. calculation of the piles and the piled foundations (in Russian) Moscow 1968 Rechizdat. [7] Philipponnat G., Retrait gonflement des argiles, proposition de méthodologie. Revue Française de géotechnique, N° 57, P.5-22. (1991) [8] Sadjin V.S. determination of the rising of the pile in an humidified swelling sol. Journal « constructions on swelling sols » (in Russian), Moscow. 1968 p: 93 – 98. [9] Shakhirev V., Magnan J.P., Ejjaaouani H. Etude expérimentale du comportement du sol lors du fonçage des pieux. Bulletin de liaison des laboratoires des ponts et chaussées, N° 206, pp. 99-116. (1996). [10] SNIP 2.02.01.-83 (1983) Standards: foundations of ships and works. (in Russian). Strojizdat. Moscow. [11] SNIP 2.02.03.-85 (1985) Standards: piled foundations (in Russian). Strojizdat. Moscow. [12] Sorochan E.A., construction of works on swelling sols. (in Russian) Strojizdat, Moscow, (1989), 312 pages, [13] Sorochan E.A, Trofimenkova Y.G. Les fondations et les ouvrages souterrains, Guide technique d’ouvrages (in Russian) Strojizdat, Moscow, (1985), pp 245 - 250, [14] Tsytovich N.A. Sols and foundations. (in Russian) Moscow 1959. Rechizdat. [15] Vijayvergiya V.N., Ghazzaly O.I., Prediction of swelling potential for natural clays, 3rd Int. Conf. on Expansive Soils, Haïfa, pp. 227-236, (1973).
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NUMERICAL STUDY OF GEOSYNTHETIC PULLOUT TEST



S. ATTACHE1, M. MELLAS1, and D. BENMEDDOUR1 1



Civil Engineering Laboratory, Biskra University, Algeria.



Abstract Pullout tests are widely used to simulate the soil-reinforcement interface properties for the design and analysis of reinforced soil structures. It can also be used to define the complete soil-geosynthetic interface relationship between shear stress and shear displacement interaction. Soil-geocell interaction has been modeled experimentally in many different ways. The main objective of this work is to understanding the soil-geocell interaction during pullout test by numerical modelling using the Fast Lagrangian Analysis of Continua in 3 Dimensions (FLAC3D). This code allows to simulate the tensile stress applied on the reinforcement and to define the evolution of the interface parameters during its mobilization. The soil is modelled as an elasticperfectly-plastic Mohr-Coulomb and the reinforcement is modelled as a linear elastic geogrid elements. The influence of confining pressure and friction angle on the interaction behavior of soil-geocell is discussed, in this study. The numerical results show that the normal pressure has a significant influence on interface properties. The pullout load increases with increase in confining pressure for both experimental and numerical model. They also show slightly effect of friction angle on pullout load-displacement response. Keywords: pullout test, geosynthetic reinforcement, geocell, numerical model, FLAC3D
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Introduction The geocells are manmade three-dimensional forms of geosynthetic (polymer) materials with interconnected cells infilled with compacted soil. Compared to planar geosynthetic products (e.g., geogrid and geotextile), geocell can provide better lateral conﬁnement to inﬁll soils. The reinforced composite formed by the geocell and the inﬁll soil has a higher stiffness, shear strength than the unreinforced soil and provide short term and long term slope stability, and increased bearing capacity of embankments (e.g., [1-5]). In recent years, geocell is increasingly used to reinforce road bases, slopes, retaining walls, and foundations. In all of the above studies, the efficiency of geocell reinforcement to enhance the bearing capacity and settlement of foundations has been investigated. However, there are limited published reports on application of geocell in retaining structures and slopes. Chen and Chiu [6] performed model tests of a geocell reinforced wall to examine the behavior of the structure including the deformation on the wall face and the settlement of the backﬁll. Their results showed that an increase in the length of geocells can be regarded as providing reinforcement similar to geogrid layers. Mohidin and Alfaro [7] investigated the pullout and direct shear interaction behavior of soil and geocell reinforcements; the soil-geocell interaction is evaluated in terms of shear stress-displacement relationships and shear strengths. Also, Ling et al. [8] showed that geocell can be used successfully to form gravity walls as well as reinforcement layers. In this study, a numerical method was adopted to investigate the pullout interaction behavior of soil and geocell reinforcements with different friction angle of soil using FLAC3D. The soil-geocell interaction is evaluated in terms of shear stress-displacement relationships. Pullout test Pullout tests are necessary in order to study the interaction between soil and geosynthetics in the anchorage zone; whence these properties have direct implications in the design of reinforced soil structures. In fact, in order to analyze the internal stability of reinforced earth structures, it is necessary to evaluate the pullout resistance of reinforcement, mobilized in the anchorage zone. The pullout resistance can be evaluated by means of the following equation (Moraci and Gardile [9]):



PR  2 L v, 



S GYY



(1)



Where PR: pullout resistance (per unit width). L : reinforcement length in the anchorage zone.  v, : effective vertical stress.







S GSY



: soil-geosynthetic interface apparent coefficient of friction.



The soil-geosynthetic interface apparent coefficient of friction can be determined by means of large scale pullout tests, using the following expression: PR  S  2 L v, GYY (2) It is important to notice that the determination of μ S/GSY using Eq. (2) can be performed without any supposition about the values of the soil shear strength angle mobilized at the interface, since all the parameters of the above equation can be easily determined by means of pullout tests. Anyway, it is important to define the role of all the design and test parameters on the mobilization of the interaction mechanisms in pullout condition, including geosynthetic length, tensile stiffness, geometry and shape, vertical effective stress and soil shear strength. Numerical model for geocell-reinforced soil A commercial code FLAC3D, was used in this study to create a three-dimensional numerical model. FLAC3D utilizes an explicit ﬁnite difference formulation to solve the initial and boundary value problems. It has several built-in constitutive models and structural elements suitable for modeling a variety of geomaterials
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and reinforcements (e.g., pile, soil nail, geosynthetics, etc.). The materials used in the present study can be classified into three types: soil, reinforcement and interfaces geocell-soil. The elastic–perfectly plastic Mohrcoulomb failure model was used for studying the behavior of soil. The properties of sand used in this simulation are presented in table1. Table 1: Material properties used in the present study. Material Properties Sand Young’s Modulus, E= 3 MPa, Bulk Modulus, K = 2.5MPa, Shear Modulus, G = 1.15MPa, cohesion, c = 0, Angle of internal friction, φ = 30°, 41°, angle of dilation, ψ =2/3φ. Geocell Young’s Modulus E=183MPa, Poisson’s Ratio, µ=0.3, Thickness of the geocell =1mm. The geocell is modeled using the structural elements geogrid, which considers the interface properties of the soil and the geogrid. The geogrid material constitutive behavior is considered as an isotropic elastic material. The properties of geogrid are also presented in table 1. The geogrid is assigned isotropic material properties and a thickness, and a constant velocity of 1×10-6 m/step in the global x-direction is applied to all geogrid nodes. Constant displacement pullout tests have been performed, varying the applied vertical pressures (25, 50, 100 kPa). Numerical model The numerical model of pullout tests are conducted for a large pullout box of size 2.5m (L) ×2.5m (W) ×1.5m (H). The sizes of reinforcement material are 0.6m (W) and 2.5m (L) and 1mm thick. The reinforcement is placed at a depth of 2m from the top of soil element as shown in figure 1. The model is brought to equilibrium after placing the reinforcement. The bottom boundaries are completely fixed in vertical direction. The lateral boundaries are fixed in their respective directions. In present study of soil-geosynthetics interaction response we presented pullout tests with different friction angles of soils (30°, 41°). The confining pressures of 25, 50 and 100 kPa are applied at the top of soil element.



Fig. 1: Modeling pullout test Numerical results Figure 2 shows a comparison between the predicted and experimental pullout load- displacement behavior of geocell at 25, 50 and 100 kPa normal pressures. It is observed that the pullout resistance increases with increasing normal pressures. Also, it can be observed from Figures 2 and 3 that the numerical model shows a little effect of friction angle on pullout load-displacement response.
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Fig. 2: Comparison between the numerical and experimental results of pullout response, φ=30°.



Fig. 3: Pullout load-displacement response from numerical model, φ=41°.



The interface shear properties deduced from the evaluation of average resistance is shown in Figures 4 (a) and (b). The friction angle and apparent cohesion at pullout interface obtained in this study, respectively for friction angle φ=30° and friction angle φ=41°. The interface shear strength appears to be attributed to the apparent cohesion and additional friction angle provided by the geocell.



(a)



Fig. 4: Average shear resistance at soil–geocell reinforcement interface deduced from numerical model (a) friction angle φ=30°; (b) friction angle φ=41°.
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Figure 5 shows the displacements measured along the reinforcement at the peak pullout resistance, for the different applied vertical stresses. The nodal displacement distributions confirm the different pullout behavior of reinforcement with the variation of confinement stress.



Fig. 5: Displacements measured along the reinforcement at the peak pullout resistance. Figure 6 shows the trend of the peak pullout interface apparent coefficient of friction as a function of the applied vertical effective stress and friction angle for the geocell. It is possible to observe a reduction in the mobilized peak pullout interface apparent coefficient of friction with the increase of the applied vertical effective stress. The analysis of the results allows to observe that the peak mobilized apparent interface coefficient of friction, for low vertical effective confining stress (25 kPa) is higher than the corresponding one measured at higher vertical effective stresses (100 kPa) due to the dilatancy behavior.



,



Fig. 6: Peak interface apparent coefficient of friction vs.  v for the geocell.
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Conclusion A three-dimensional numerical model for analyzing the interaction behavior soil-geocell was developed in this study using FLAC3D and compared with experimental results. The numerical results show clearly the influence of the vertical effective stress on the pullout behavior of the geocell. The ultimate pullout resistance of geocell increased with the increase of confining pressure. The interaction behavior is lightly influenced by friction angle soil. The pullout resistance and the interface apparent coefficient of friction μS/GSY depend on the dilatancy of the soil at the interface. References Bush, D. I., Jenner, C. G., and Bassett, R. H. The design and construction of geocell foundation mattress supporting embankments over soft ground. Geotextiles and Geomembranes 9: 83–98. 1990. Cowland, J.W., Wong, S.C.K. Performance of a road embankment on soft clay supported on a geocell mattress foundation. Geotextiles and Geomembranes 12:687–05. 1993. Krishnaswamy, N.R., Rajagopal, K., Madhavi Latha, G. Model studies on geocell supported embankments constructed over soft clay foundation. Geotechnical Testing Journal, ASTM 23: 45–54. 2000. Madhavi Latha, G., and Rajagopal, K. Parametric finite element analyses of geocell supported embankments. Canadian Geotechnical Journal, 44(8): 917–927. 2007. Zhou, H.B. and Wen X.J. Model studies on geogrid or geocell-reinforced sand cushion on soft soil. Geotextiles and Geomembranes, 26: 231-238. 2008 Chen R. H., Chiu Y. M. Model tests of geocell retaining structures. Geotextiles and Geomembranes, 26(1): 56-70. 2008. Mohidin N., Alfaro M.C. Soil-geocell reinforcement interaction by pullout and direct shear tests. Pan-Am CGS, Geotechnical Conference. Canada. 2011. Ling, H.I., Leshchinsky, D., Wang, J.P., Mohri, Y., Rosen, A. Seismic response of geocell retaining walls: experimental studies. Journal of Geotechnical and Geoenvironmental Engineering, ASCE 135 (4), 515e524. 2009. Moraci N., Gardile G. Pullout behaviour of different geosynthetics embedded in granular Soils. Geosynthetics. Proceedings of the 4th Asian Regional Conference on Geosynthetics in Shanghai, China. 2008.



274



ICESA 2014 Internatıional Civil Engineering & Architecture Symposium for Academicians



NUMERICAL STUDY OF UNDRAINED BEARING CAPACITY OF STRIP FOOTINGS ON SLOPES UNDER INCLINED LOADS



D. BENMEDDOUR1, M. BAAZOUZI1, M. MELLAS1, A. MABROUKI1 1



Civil Engineering Laboratory, Biskra University, Algeria



Abstract: The bearing capacity of shallow foundation on slope under inclined load is a fundamental problem in geotechnical engineering. This paper focuses on the numerical analysis using the finite-difference code FLAC (Fast Lagrangian Analysis of Continua), to evaluate the undrained bearing capacity for a strip footing near a slope, subjected to an inclined load. The effect of slope inclination, the distance of the footing from the slope, the slope height and the material properties are investigated. The probe analyses were performed in order to investigate the influence of the various parameters that affect undrained bearing capacity. The results are presented in terms of normalised failure envelopes and compared with those available in the literature. Keywords: Undrained bearing capacity, strip footing, inclined load, slope, numerical modelling.
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INTRODUCTION In practice, the bearing capacity of shallow foundations on horizontal ground surface is determined using the equation of Terzaghi [1]. Terzaghi’s equation combines the effects of cohesion, surcharge, and soil weight. In the case of a purely cohesive soil, the bearing capacity of shallow foundations under vertical loading, the resulting bearing capacity is expressed as: qult  cu .N c (1) In order to take the load and the ground surface inclination into account, empirical factors are introduced by different authors on this term. Hansen [2] included an additional factor gc in the bearing capacity equation to take account of the effect of sloping ground: (2) q u  N c c u ( ic  g c ) Where:



ic  0.5  0.5 1  H Bcu gc 



(3)



2  2



(4)



Where: qu, Nc, ic, gc, cu are respectively, the ultimate bearing capacity, undrained bearing capacity factor, load inclination factor, ground slope inclination factor, and the undrained shear strength. Therefore, according to Vesic [3] the bearing capacity of a surface footing in a slope under inclined loading is: q u  N c cu i c (1  g c )  B sin  (5) Where:



ic  1



2H Bcu N c



(6)



Recently, Georgiadis [4] proposed an expression in terms of normalised loads v and h, depends the bearing capacity failure.



1 cos1 ( .h)  1  ( .h) 2   v  . 2   2  2



(7)



Where:



  1   (1  e  ) Where: β, , λ, v, h are respectively, slope angle, parameter of load interaction diagram, normalized footing distance, normalized vertical failure load, normalized horizontal failure load. Many researchers have used the numerical methods to study the bearing capacity of strip footings near slops such as Shiau et al [5] and Georgiadis [6]. In this study, series of numerical computations, using the finite difference code FLAC [7], are carried out to investigate the influence of the slope and load inclination on the ultimate bearing capacity. The results of the present study are compared with those available in the literature.



NUMERICAL MODELING PROCEDURE In the current modeling study, the finite-difference code FLAC [7] was used to evaluate the bearing capacity for rigid and rough strip footing on slopes under inclined load. A rigid and rough strip footing of width B = 2 m, resting on the surface of a purely cohesive soil of undrained shear strength cu = 100 kPa and unit weight γ = 20 kN/m3, is located at a distance λB measured from the edge of the foundation to the crest of a slope. The slope makes an angle β with the horizontal. The soil is modelled as a Tresca material using the Mohr– Coulomb elastic-perfectly plastic constitutive model with φ = 0. This model is characterized by the undrained Young’s modulus Eu = 30MPa and Poisson’s ratio ν = 0.49. Different slope angles and normalised footing distances are considered.
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The footing is modelled as an elastic material with concrete Young’s modulus of Ec = 25 GPa and Poisson’s ratio of ν = 0.4. The interface between the soil and footing is rough (c=cu), it is characterized with normal stiffness Kn =109 Pa/m and shear stiffness Ks=109 Pa/m. The footing is subjected to a central inclined load with different values of inclination angle θ. The positive sign convention is shown in Figure 1. λB



B V



θ H



Undrained clay



H β



cu, γ, E u



Fig.1. Problem geometry Because of the nonsymmetrical problem, the entire model of 15 m in depth and 80 m in length is considered in the computations. Figure 2 shows a typical finite-difference mesh, used for the case of footing located at the crest (λB=0) of 45° inclination and 6m height soil slope. The mesh is refined at the region most close to the boundaries of the foundation, under the base and near the crest of the slope. The boundary conditions are shown in Figure 2. The displacement of the left and right vertical sides is constrained in the horizontal direction only. The base of the model is constrained in all directions. In order to obtain the failure envelope, the displacement controlled probe method is used. In this method each analysis determines a point on the failure envelope. First a centered vertical load is applied via uniform vertical nodal stresses Syy, and then a controlled horizontal velocity is applied to the nodes of the footing, until it reaches the limit state under a given combination of vertical and horizontal loads.



Fig.2. Finite difference mesh and boundary condition for the case: β=30°, H=6m, and λB=0 RESULTS AND DISCUSSIONS This study focuses on the bearing capacity failure due to inclined load. Two parameters were studied: slope angle β (β=15°, 30° and 45°) and normalised distance λB (λ=0, and1). Typical vertical load displacement curves obtained from the finite difference analyses with different load inclination θ are illustrated in Figure 3 for β=30° and λ=1. The case of θ = 0 corresponds to pure vertical loading.
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Fig.3. load-displacement curves for β=30° and λ=1. The predicted failure envelopes in the VH loading plan for the footing on the horizontal ground and at the top of the slope, given by the conventional methods of bearing capacity calculation, as described by Hansen [2], Vesic [3] and Meyerhof [8]; their results are presented with those of the present study in Figure 4. The ultimate vertical load of the foundation Vult obtained from the numerical results for horizontal ground surface is Vult=5.21 Acu overestimating the exact solution of Prandtl [9] by 1.36%. It can be seen that sliding along the soil-footing interface can occur for vertical load V less than a critical magnitude, approximately 0.5V0. The ultimate horizontal capacity at which failure occurs is H=BCu. The results of the numerical analyses are in good agreement with Hansen’s [2] and Meyerhof’s [8] equations, while the Vesic’s [3] equation represents the largest underestimation of the failure load. 1.2
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Fig. 4. Comparison of Failure surfaces of footing resting: (a) on the horizontal ground surface, (b) at the crest of a slope. Influence of slope angle From Figure 5, it can be seen that the normalised failure load shape, for the horizontal surface, is symmetrical over the horizontal axis. With increasing slope angle this symmetry is lost. For positive load inclinations, the normalised failure load shape increase and it is larger than for the negative ones (load directed away from the slope). The results obtained by Georgiadis’s [4] equation and the present study give very similar failure envelopes in the VH loading plan, as shown in Figure 5(a) and (b). 1.2 ( a) 0.8
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Fig.5. influence of slope angle β on normalised failure load: (a) λ=0, (b) λ=1.
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CONCLUSION A series of finite difference analyses were carried out to investigate the undrained bearing capacity of strip footings near slopes under inclined load. Various geometries were considered, varying the slope inclination angle and the normalised footing distance. The numerical results were found to be in good agreement with those obtained from Hansen’s [2] and Georgiadis’s [4] equations. For positive load inclination, the results showed increasing failure surface with increasing slope angle and decreasing normalised distance. However, it is the opposite case for negative load inclination. REFERENCES [1] Terzaghi K. (1943). Theoretical soil mechanics. New York: Wiley. [2] Hansen JB. (1961). A general formula for bearing capacity. Dan Geotech Inst; 11, 38–46. [3] Vesic AS. (1975). Bearing capacity of shallow foundations. In: Winterkorn HF, HF, Fang HY, editors. Foundation engineering handbook. Van Nostrand Reinhold; 1975. [4] Georgiadis, K. (2009). The influence of load inclination on the undrained bearing capacity of strip footings on slopes. Comput. Geotech. 37(3), 311–322. [5] Shiau, J.H., Watson, J.F. (2008). 3D Bearing capacity of shallow foundations located near deep excavation sites. International Conference on Deep Excavations ICDE. [6] Georgiadis K. (2010). Undrained bearing capacity of strip footings on slopes. Journal of Geotechnical and Geoenvironmental Engineering, ASCE, 136( 5), 677–685. [7] FLAC. (2005). Fast Lagrangian Analysis of Continua, version 5.0. ITASCA Consulting Group, Inc., Minneapolis. [8] Meyerhof GG. (1963). Some recent research on the bearing capacity of foundations. Can Geotech J. 1(1), 16-26. [9] Prandtl L. (1920). Über die Härte plastischer Körper. Narchrichten von der Königlichen Gesellschaft der Wissenschaften, Göttingen, Math.-phys. Klasse; p. 74–85.
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Abstract



The bearing capacity of a shallow and strip footing is one of the problems that are widely studied by various methods. However, most of these studies were carried out for an isolated footing placed at the ground surface. This paper focuses on a numerical study using the finite-difference code Fast Lagrangian Analysis of Continua (FLAC), to evaluate the bearing capacity of embedded strip footings subjected to a vertical or inclined loading. The effect of the embedment is estimated though a depth factor, defined as a ratio of the bearing capacity of a strip footing at a depth D to that of a strip footing at the ground surface. For the construction of the (V, H) failure envelope the probe analyses were performed. The results presented in this paper show that the size and shape of the failure envelope defining the undrained capacity of shallow foundations under centred vertical or inclined loading are dependent on embedment ratio. Keywords: bearing capacity, depth factors, vertical load, inclined load, failure envelope, embedded strip footing.
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Introduction The bearing capacity of embedded shallow foundations under the action of a vertical or horizontal load can be expressed through depth factors defining the increased resistance due to embedment with respect to a surface foundation of equivalent base area. The undrained bearing capacity equation of foundations embedded in clay has the following expression: qu  cu N c d c  q (1) where Nc is a bearing capacity factor; cu is a representative undrained shear strength; q = γD is the surcharge at the footing base level; γ is the soil unit weight; D is the distance from the ground surface to the base of the foundation element; dc is a depth factor, defined as a ratio of the bearing capacity of a strip footing at a depth D to that of a strip footing at the ground surface. Table 1 summarises the expressions proposed by different authors to evaluate the depth factors for undrained bearing capacity. Table 1. Expressions for depth factor dc Reference



Depth factor



Skempton [1]



d c  1  0.2( D / B) ; dc  1.5 for D / B  2.5



Meyerhof [2]



d c  1  0.2( D / B)



Hansen [3] Salgado et al. [4]



d c  1  0.4( D / B) for D / B  1 ; d c  1  0.4 tan 1 D / B  for D / B  1 d c  1  0.27 D / B



Many analytical and numerical methods can be used to estimate the bearing capacity of a rigid strip footing; these methods may be classified into the following four categories:  limit equilibrium method (e.g., [2]);  slip line method (e.g., [5]);  limit analysis method ((e.g., [6]);  finite element or finite difference analyses (e.g., [7]). Undrained vertical bearing capacity of shallowly embedded foundations has been studied experimentally, numerically or analytically, for a range of foundation/soil interface conditions (e.g., [1-4], [7-9]). In this paper, a series of numerical computations using the finite difference code FLAC are carried out to evaluate the undrained bearing capacity of a strip footing under vertical or inclined loading, for a range of embedment ratios. The depth factor was calculated for rigid rough and smooth strip footing. The numerical results are compared with the available publications in the literature. Numerical modeling procedure The finite-difference code FLAC was used to estimate the bearing capacity of a strip footing with embedment ratios D/B of 0 (surface), 0.25, 0.5 and 1 under conditions of plane strain and subjected to a centred vertical or inclined load. FLAC (Fast Lagrangian Analysis of Continua) is a two-dimensional explicit finite-difference program for engineering mechanics computations; it simulates the behaviour of structures built of soil, rock or other materials that undergo plastic flow when their yield limits are reached. Many researchers have used the finite difference code FLAC to study the bearing capacity of strip and circular isolated footings (e.g., [1011]). The numerical evaluation of the bearing capacity is based on subdividing the soil into a number of elements. The mesh adopted for all cases studied in this paper has a depth of 40 m and 80 m in large. In the modeling study, the width B of the footing is 2 m. The base of the model is constrained in all directions. The right and the left vertical sides are constrained in the horizontal direction only. Zero thickness interface elements were placed along the boundary EFGH to simulate different interface conditions between the footing and the soil. The mesh adopted for all cases studied in this paper is shown in Fig. 1. The soil was considered to be a
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linearly elastic-perfectly plastic material, obeying Tresca criterion (cu=20 kPa, υ = 0.49, Eu=14 MPa and γ =15 kN/m3). It is noted that the values of the elastic parameters had no effect on the value of bearing capacity [10].
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80m Fig. 1: Finite-difference mesh (D/B=0.5). For the case of embedded shallow foundations under pure vertical load, the loading of the rigid strip footing is simulated by imposing equal vertical velocities at all nodes representing the footing. The magnitude of chosen vertical velocity is 2×10-7m/s. However, in the case of combined vertical and horizontal load, the computation of a given point of the (H, V) failure envelope (where H and V are respectively the horizontal and vertical ultimate footing loads) can be obtained by the probe analysis. Firstly, a central vertical load (smaller than the ultimate vertical one) is applied to the footing via uniform nodal stresses acting at the nodes situated at the base of the footing. Damping of the system is introduced by running several cycles until a steady state of static equilibrium is developed in the soil. Secondly, a controlled horizontal velocity is applied to the nodes of footing. The rigid footing is connected to the soil via interface elements defined by Coulomb shear-strength criterion. The interface elements along the base FG of footing always represented a rough interface. They were assigned a cohesion cu=20 kPa, a normal stiffness kn=109 Pa/m, and a shear stiffness ks = 109 Pa/m. To model the rough interface between the side of the footing and the soil, interfaces elements along the boundary EF and GH were assigned the same properties as along the base. In the case of a smooth interface, the interfaces elements along EF and GH were assigned the same normal stiffness and shear stiffness but zero undrained strength. The progressive movement of the rigid footing induced by the vertical velocity applied at all nodes is accompanied by the increase of the load in the soil. Finally, this load stabilizes for a value that indicates a limit load or bearing capacity. Result and discussion Vertical bearing capacity The vertical bearing capacity qu=5.225cu was predicted in the present study for a surface footing, representing an overestimation of less than 2% from the analytical solution of qu=5.14cu (Prandtl, [12]). It should be noted that several preliminary numerical tests have been carried out to study the effect of the mesh size, the refinement of the mesh produce a better results. It means that numerical prediction obtained using FLAC, is in excellent agreement with Prandtl’s solution. Figure 2 shows the variation of vertical bearing capacity factor dc as a function of embedment ratio D/B predicted by the present study and compared with predictions from conventional semi-empirical depth factors (Skempton, [1]; Meyerhof, [2]; Hansen, [3]) and available analytical and numerical solutions, Salgado et al., [4]; Edwards et al., [7]; Gourvenec, [13]). A finite difference analysis representing a smooth foundation/soil interface was carried out for comparison with predictions of vertical bearing capacity from conventional depth factors. From the results of Fig. 2, it is seen that the values of dc increase substantially with increasing D/B. Also, the values of dc obtained from the present study for D/B≤1 and rough-sided foundations are in excellent
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agreement with the results of Edwards et al. [7]. The values of dc, obtained from the present study for smoothsided footing solutions are close to the results obtained by Salgado et al. [4]. 1,8
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Fig. 2: Comparison of present dc values with those obtained from the expressions available in the literature. Figure 3 shows the contours of maximum shear strain for different embedded footings in the case of a cohesive soil. The plots clearly demonstrate the improved bearing capacity that results from increasing depth. The size of the shear zone increases with increasing value of the depth and a large strain concentration is observed near the corner of the footing with high values of D/B. This behaviour is due to the blocking effect, caused by the weight of the soil situated over the base of the footing. As seen from Fig. 3, there is a triangular elastic wedge immediately underneath the rough footing.
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Fig. 3: Contours of maximum shear strain for rough strip footing.
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Vertical and horizontal loading The effect of inclined loading has traditionally been handled by additional multiplicative factors to the bearing capacity equation (equation 1). These factors are based on theoretical solutions, such as Green [14]. Recently, this approach can be replaced by the use of load interaction diagrams (normalised failure envelopes). Fig. 4 represents the failure envelopes normalised by the ultimate limit loads, V/Vult and H/Hult, indicating the shape and relative size of the failure envelopes from probe analyses. The shape of the envelopes appears similar but is not unique, as seen in Fig. 4. The size of the normalised envelope reduces with increasing embedment ratio. Also, the solution defining the ultimate limit states under combined VH loading for a surface foundation on a Tresca material (Green, [14]) is shown in Fig. 4 and is in excellent agreement with the results of the present study.
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Fig. 4: Failure envelopes for vertical and horizontal loading (normalised load space). Conclusions The finite difference code FLAC was used to study the influence on the undrained bearing capacity of embedded rough and smooth strip footing subjected to a vertical or inclined load, and resting on a medium characterized by the Tresca yield criterion. The results of depth factor were compared with existing solutions published in the literature. The results from the finite difference study of the undrained bearing capacity of strip footing embedded in clay have confirmed that the bearing capacity of embedded footing depend on the ratio D/B. The values of dc obtained from the present study for D/B≤1 and rough-sided foundations are in good agreement with the results of Edwards et al. [7]. Under inclined load the shape of the failure envelope is slightly dependent on embedment ratio. The normalised size of the failure envelope reduces with increasing embedment ratio. References Skempton, AW. The bearing capacity of clays. Proc. Building Research Cong. London, 1951, 1: 180–189. Meyerhof, GG. Some recent research on the bearing capacity of foundations. Can Geotech J, 1963, 1: 16–26. Hansen JB. A revised and extended formula for bearing capacity. Danish Geotechn Inst Bull 1970, 28:5–11. Salgado, R., Lyamin, A. V., Sloan, S. W. and Yu, H. S. (2004). Two- and three-dimensional bearing capacity of foundations in clay. Géotechnique. 2004, 54 (5): 297–306. Sokolovskii VV. Statics of soil media (translated from the 1942 Russian edition). London: Butterworths;
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